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CONVERSION  FACTORS,  NON-SI  TO  SI  (METRIC) 
UNITS  OF  MEASUREMENT 


Non-SI  units  of  measurement  used  in  this  report  can  be  converted  to  SI  (metric) 
units  as  follows: 


_ Multiply _ 
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miles  (U.  S.  statute) 
pounds  (force)  per  square  foot 
pounds  (force)  per  square  inch 
pounds  (mass)  per  cubic  foot 
square  feet 

tons  (force)  per  square  foot 
tons  (2000  lb  mass) 
square  inches 
pounds  (mass) 


BX. 


To  Obtain 


0.3048 
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47.88026 
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16.01846 
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907.18474 

6.4516 
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kilograms 

square  centimeters 
kilograms 


LOAD-TRANSFER  CRITERIA  FOR  NUMERICAL  ANALYSIS 
OF  AXIALLY  LOADED  PILES  IN  SAND 

PART  I:  LOAD-TRANSFER  CRITERIA 

CHAPTER  1 :  INTRODUCTION 

The  Corps  of  Engineers  installs  hundreds  of  piles  in  the  construction 
of  navigation  and  flood  control  facilities  in  the  Lower  Mississippi  Valley. 
Pile  foundations  are  utilized  to  overcome  poor  subsoil  conditions  that  are 
encountered  in  the  construction  of  these  facilities.  The  subsoil  conditions 
that  must  be  overcome  generally  involve  soils  at  or  near  the  surface  that  are 
unable  to  provide  adequate  support  without  unacceptable  deformation.  Typical 
examples  of  these  subsoil  conditions  in  the  Lower  Mississippi  Valley  are  clay 
and  silt  layers  ranging  from  5  to  70  ft*  in  thickness  over  medium  to  dense 
sand.  Piles  transfer  the  loads  from  structures  into  the  underlying  sand-soil 
stratum.  This  transfer  of  loads  is  extremely  complex,  highly  indeterminate, 
and  difficult  to  analytically  quantify. 

In  practice,  pile  foundations  have  typically  been  designed  based  on 
either  the  pile-driving  formulas  or  the  static  formula.  The  static  formula 
has  been  considered  the  more  reliable  of  the  two.  With  the  static  formula, 
the  pile  capacity  is  based  on  the  static  soil  resistance  determined  by  the 
limit  equilibrium  theory  for  the  tip  of  the  pile  and  friction  between  two 
surfaces  for  side  resistance.  The  soil  parameters  used  in  the  static  formula 
are  derived  from  field  and/or  laboratory  tests.  For  representative  soil  con¬ 
ditions  in  the  Lower  Mississippi  Valley,  charts  have  been  developed,  employ¬ 
ing  the  static  formula,  that  yield  the  pile  capacity  for  a  given  depth  of 
penetration  in  the  sand-soil  stratum. 


*  A  table  of  factors  for  converting  non-SI  units  of  measurement  to  SI 
(metric)  units  is  presented  on  page  iv. 


The  practicing  foundation  engineer  must  make  a  number  of 
simplifying  assumptions  in  the  design  procedure  for  axially  loaded 
piles.  These  assumptions  have  been  necessary  to  quantify  the  behavior 
of  the  pile-soil  system.  One  of  the  most  grossly  oversimplifying 
assumptions  in  the  static  formula  is  that  the  ultimate  bearing 
capacity  of  the  soil  at  the  tip  of  the  pile  and  the  ultimate  skin 
friction  along  the  pile  shaft  are  mobilized  simultaneously  with  no 
regard  to  displacement  compatibility  of  these  separate  components. 
Another  oversimplifying  assumption  is  that  the  soil  conditions  extant 
prior  to  installation  are  still  present  after  placement  of  the  pile. 

In  recent  years,  a  number  of  investigators  have  been 
researching  new  analytical  and  numerical  procedures  which  lessen  the 
number  of  simplifying  assumptions  in  modeling  the  behavior  of  the 
pile-soil  system.  These  investigators  have  taken  two  different 
approaches:  one  based  on  modeling  soil  as  a  continuum,  the  other  on 

modeling  the  soil  as  a  set  of  discrete  springs.  The  discrete  springs 
model  was  chosen  for  the  basic  analysis  procedure  for  axially  loaded 
piles  in  sand  because  of  its  simplicity.  In  this  model,  the  soil  is 
represented  by  springs  that  relate  the  shear  developed  along  the  pile 
shaft  and  resistance  at  the  tip  to  the  displacement  at  these  points. 

The  objective  of  this  report  is  to  establish  criteria  for  shear 
developed  (shear  transfer)  along  the  pile  shaft  due  to  a  given 
movement  and  for  tip  resistance  due  to  a  given  tip  movement  based  on 
correlations  with  field  data.  Chapter  2  presents  a  brief  history  of 
pile  foundations,  a  review  of  the  design/analysis  methods  (both  old 


and  new  concepts),  a  review  of  the  interpretation  of  pile  load  tests, 
and  a  literature  review  of  axially  loaded  piles  in  sands  that 
considers  the  changes  the  soil  undergoes  during  installations.  In 
Chapter  3,  the  available  criteria  for  spring  representation  of  soil 
are  presented  and  summarized.  Chapter  4  contains  a  comparison  of 
these  criteria  with  actual  field  data  from  pile  load  tests  with  a 
critical  evaluation  based  on  these  comparisons.  New  r  eria  are 
presented  and  evaluated  in  Chapter  5.  The  new  critei  are  used  to 

develop  a  set  of  design  curves  for  the  practicing  en'  :er.  These 

curves  are  presented  in  Chapter  5  along  with  a  detail*,  procedure  for 
utilizing  this  analysis  technique. 


CHAPTER  2:  OVERVIEW  OF  PILE  FOUNDATIONS 

History  of  Piles 

A  pile  is  a  vertical  or  slightly  slanted  structural  foundation 
member  with  a  relatively  small  cross-sectional  dimension  compared  to 
its  length.  The  end  of  the  pile  which  connects  to  the  superstructure 
at  ground  surface  is  termed  the  pile  "head”  or  "butt";  the  end  placed 
in  the  soil  is  termed  the  pile  "tip”;  and  the  portion  of  the  pile 
between  the  head  and  the  tip  is  the  "shaft”  (Figure  1). 

Piles  are  one  of  man's  oldest  remedies  to  problems  involved  in 
founding  structures  on  soft  soil.  Prehistoric  man  built  his  dwelling 
on  piles  to  raise  it  above  water  or  t-  protect  himself  from  wild 
animals  or  hostile  neighbors.  Anthropologists  have  found  ancient 
dwellings  on  piles  in  Lake  Lucerne  in  Switzerland.  The  Romans  built  a 
number  of  bridges  across  the  Rhine  founded  on  pile  foundations.  In  58 
A.D.,  Vitruvius  described  the  use  of  tree  trunks  as  piles  in 
construction  work.  Venetians  built  their  city  on  a  number  of  small 
marshy  islands  in  the  inlet  of  the  Lagoon  of  Venice  to  protect 
themselves  from  the  bloodthirsty  Huns.  Again  they  used  piles,  some  of 
which  are  still  present  in  building  foundations. 

Early  man  used  piles  that  were  installed  by  hand  mallets,  hand- 
operated  machine  mallets,  rams,  treadmills,  and  waterwheel  drivers. 


The  invention  of  the  first  steam  pile  driver  by  Nasmyth  in  1850 
revolutionized  their  use.  They  could  be  driven  to  greater  depths 
enabling  them  to  carry  greater  loads,  and  the  driving  time  required 


decreased  which  incre  ;ed  their  economic  advantage. 


Piles  are  applied  to  difficult  foundation  conditions  such  as 
offshore  construction,  construction  on  soils  with  high  groundwater 
tables,  construction  on  soft  soils,  to  provide  stability  when  scour 
occurs,  and  to  resist  unusually  high  lateral  forces  from  horizontal 
loads.  Piles  are  generally  used  for  two  purposes:  (1)  to  in¬ 
crease  the  load  carrying  capacity  of  the  foundation  and  (2)  to 
reduce  the  settlement  of  the  foundation.  These  are  accomplished 
by  transferring  loads  through  soft  stratum  to  stiffer  stratum  at 
a  greater  depth  or  by  distributing  loads  through  the  stratum  by 
friction  along  the  pile  shaft,  or  by  some  combination  of  the 
two. 


Pile  Types 

Large,  mature  trees  were  the  first  material  to  be  used  for 
piling.  Their  use  was  well  established  in  foundation  construction  by 
Roman  times,  details  of  which  were  presented  by  Vitruvius  in  58  A.D. 
They  are  still  the  most  common  type  of  piling  employed  in  the  world 
today.  In  many  situations,  they  provide  a  reliable  and  economical 
foundation.  They  generally  range  in  length  from  10  to  80  ft  with 
diameters  of  1  to  2  ft.  Timber  pilings  have  two  main  limitations: 
first,  they  usually  do  not  come  in  lengths  over  80  ft  and  It  is  very 
difficult  to  splice  them;  secondly,  they  can  be  damaged  when  driven  in 
highly  resistant  soil.  If  damaged,  they  lose  their  ability  to  carry 


In  the  early  1900's,  several  types  of  concrete  plies  were 
available  to  the  construction  industry.  Today,  the  engineer  has  a 
wide  variety  of  them  to  choose  from  for  particular  projects.  This 
wide  variety  may  be  divided  into  two  groups:  cast-in-place  and  pre¬ 
cast.  Cast-in-place  piles  are  installed  by  driving  a  casing  (shell, 
pipe)  into  the  ground,  clearing  it  out,  and  filling  it  with 
concrete.  As  concrete  is  placed,  the  casing  may  be  raised  out  of  the 
ground,  or  it  may  be  left  in  place.  Precast  concrete  piles  are 
manufactured  at  a  concrete  casting  plant.  They  are  generally  used  in 
carrying  fairly  heavy  loads  through  a  soft  stratum  to  a  firmer  or 
stiffer  stratum.  They  are  usually  reinforced  for  bending  so  that  they 
can  be  handled  and  driven  without  cracking  and  may  be  prestressed  so 
as  to  prevent  cracking  or  spalling  during  driving.  They  are 
manufactured  in  given  lengths  with  joints  that  may  be  used  to  splice 
them  together.  If  the  length  is  misjudged  before  construction,  they 
may  be  spliced  together  to  obtain  the  given  length  during  construc¬ 
tion. 

Steel  piles  are  used  often  in  modern  construction.  They  come  in 
basically  two  shapes:  steel  pipe  and  steel  H  shapes.  The  pipe  shapes 
are  usually  in  two  forms,  either  open-ended  or  closed-ended .  These 
steel  piles  are  often  used  when  penetration  resistance  is  high  and 
great  depths  are  needed.  They  are  easily  sectioned  together  or 
spliced  together  to  provide  more  length  during  driving.  Steel  H  piles 
penetrate  the  ground  most  readily  of  all  piles  due  to  their  relatively 
small  displacement  of  material.  Steel  H  piles  are  suitable  for 
penetrating  to  rock  and  through  hard  material  with  the  least  amount  of 


effort  and  in  Che  shortest  time  because  of  this  small  displacement. 

For  many  applications  they  may  be  the  only  pile  that  can  be  used 
without  using  jetting  or  coring.  Steel  piles  can  carry  heavy  loads 
which  may  reduce  the  number  of  piles  needed  for  a  foundation.  They 
are  also  often  used  when  large  lateral  loads  occur  because  of  their 
high  bending  strength. 

Pile  Installation 

Current  construction  practice  for  installation  of  piles  may  be 
divided  into  three  basic  catagories:  driving,  boring,  and  jetting. 
Jetting  and  boring  will  not  be  considered  in  this  report  because  they 
are  seldom  used  In  sands.  The  oldest  and  most  common  method  of 
installation  is  impact  driving  of  piles.  This  was  the  method  used  by 
the  first  steam  pile  driver.  Impact  hammers  or  drop  hammers 
originated  with  the  Romans  who,  in  the  early  days,  used  stone  blocks 
hoisted  by  rope  over  a  pulley  guide  and  then  dropped.  The  block  was 
guided  to  its  destination  by  vertical  poles  that  are  similar  to 
today's  pile  leads.  Piles  are  currently  driven  by  means  of  a 
ram/hammer  or  by  a  vibratory  forced  generator.  A  hammer  operates 
between  a  pair  of  vertical  guides  called  leads  suspended  from  the  boom 
of  a  crane.  The  leads  are  connected  to  the  base  of  the  crane  by  a 
hor  al  member  called  a  spotter.  The  spotter  guides  the  leads  to 

p  ct  alignment  for  the  pile.  The  leads  have  rails  which 

gui  amer  during  its  descent. 

Impact  driving  can  be  performed  with  five  types  of  hammer:  a 
drop  hammer,  single-action  hammer,  double-action  hammer,  differential 
acting  hammer,  and  diesel  hammer.  The  drop  hammer  works  by  raising  a 


ram  with  a  cable  run  over  Che  Cop  of  a  framework  back  Co  a  drum  or  a 
gear  shafC.  A  Cripping  mechanism  releases  Che  ram  once  ic  reaches  Che 
Cop  of  Che  framework.  Ic  free  falls  along  Che  guide  rails  and  is 
allowed  Co  scrike  Che  head  of  Che  pile,  Chus  driving  ic  inco  Che 
ground.  For  a  single-acCion  hammer,  sCeam  or  air  is  forced  inCo  a 
cylinder  chac  raises  a  pisCon  connecCed  Co  Che  ram.  The  ram  is 
dropped  by  releasing  Che  pressure.  Hammers  of  Chis  Cype  are  always 
used  in  leads.  A  double-acdon  hammer  uses  sCeam  or  air  Co  raise  Che 
ram  and  Co  add  addicional  energy  on  Che  downsCroke.  Differencial 
accing  hammers  also  employ  sCeam  or  air  Co  raise  Che  ram  and  Co  add 
energy  on  che  downsCroke.  The  diesel  hammer  originaCed  in  Europe.  Ic 
uses  a  closed  syscem  in  which  diesel  fuel  is  igniced  co  raise  Che 
ram.  The  hammer  forms  a  self-conCained  unic  including  fuel  Cank  and 
injeccors.  A  diesel  hammer  is  UghCer  and  more  porcable  chan  a  steam 
hammer.  Most  impact  hammers  used  today  are  either  steam  or  diesel. 

Vibratory  drivers  consist  of  force  generators  attached  to  the 
pile  head  by  clamps  with  a  static  weight.  The  driving  force  is  from  a 
pair  of  counterrotating  eccentric  weights  arranged  so  that  the 
horizontal  components  of  their  centrifugal  force  cancel  whereas  the 
vertical  components  are  added.  The  pulsating  force  facilitates  the 
penetration  of  the  pile  under  the  influence  of  the  constantly  acting 
downward  weight.  Vibratory  drivers  differ  from  one  another  according 
to  the  frequency  of  the  power  source.  If  the  frequency  is  adjustable, 
the  driver  is  called  a  "resonant"  driver  because  by  adjusting  the 
frequency  the  natural  frequency  of  the  system  can  be  attained  which 
will  assist  the  penetration  by  making  effective  the  full  downward 


lull 


Into  the  latter  part  of  the  19th  century,  the  design  of  piling 
was  based  totally  on  prior  experience  and  rule-of-thumb  criteria.  The 
first  attempt  at  theoretical  evaluation  of  pile  capacity  was  published 
in  Engineering  News  under  "Piles  and  Pile  Driving”  edited  by 
Wellington  in  1893.  This  approach  is  still  known  today  as  the 
"Engineering  News  pile-driving  formula."  Since  then,  a  number  of 
attempts  have  been  made  to  predict  the  capacity  of  piles,  and  a  large 
number  of  reports  of  field  experience  have  become  available.  The  two 
basic  approaches  that  have  been  used  or  followed  in  the  theoretical 
attempts  to  evaluate  pile  capacity  are  the  pile-driving  formulas  and 
the  static  formula.  The  pile-driving  formulas  base  pile  capacity  on 
the  resistance  of  the  pile  to  driving.  The  static  formula  bases  pile 
capacity  on  the  static  soil  resistance  after  the  pile  is  driven.  This 
resistance  is  evaluated  in  two  parts:  limit  equilibrium  theory  for  the 
tip  resistance,  and  friction  between  two  surfaces  for  side  resistance. 


Static  Formula 


The  static  formula  has  been  used  for  years  to  determine  the 
ultimate  axial  capacity  of  a  pile,  Pu»  The  ultimate  axial  capacity  of 
a  pile  is  separated  into  two  components:  the  ultimate  shear  resistance 


along  the  shaft  of  the  pile,  P  ;  and  the  ultimate  tip  bearing 

s 

capacity,  P,.  (Figure  2).  The  two  are  generally  assumed  to  develop 


independent  of  each  other.  The  sum  of  the  two  gives  the  ultimate 
axial  capacity: 

pu  -  pt  +  ps  a) 

where 

Py  *  the  ultimate  axial  capacity 

Pt  »  the  ultimate  tip-bearing  capacity 

Pg  *  the  ultimate  shear  resistance,  or  "skin  friction," 
along  the  shaft 

Tip-Bearing  Capacity 

The  ultimate  tip-bearing  capacity  of  a  pile  is  derived  from  the 
classical  bearing  capacity  theory  for  a  strip  load  at  the  surface. 

The  first  theoretical  formulation  for  bearing  capacity  is  attributed 
to  Caqout  (1934)  and  Buisman  (1930)  in  the  mid-1930's,  who  extended 
Prandtl  (1920)  and  Reissner's  (1924)  work  on  punch  failure.  Prandtl's 
theoretical  approach  considered  the  plastic  flow  in  a  semi-infinite 
weightless  continuum  due  to  a  distributed  infinite  strip  load  on  a 
frictional  surface.  In  Caqout  and  Buisman's  approach,  the  soil  was 
assumed  to  be  modeled  by  a  semi-infinite  continuum  having  the 
following  properties:  (1)  Mohr-Coulomb  failure  criteria  govern  the 
soil  failure;  (2)  the  strength  at  any  point  is  independent  of  strain; 
(3)  the  elastic  deformations  are  negligible  with  respect  to  plastic 
deformations;  and  (4)  volume  change  due  to  stress  is  negligible.  The 
above  assumptions  describe  the  behavior  of  a  rigid  perfectly  plastic 
material  which  would  have  a  stress-strain  diagram  as  shown  in  Figure 
3.  This  type  of  problem  is  solved  by  limit  equilibrium  analysis  for 


plasticity  theory. 


Limit  analysis  for  plasticity  theory  requires  the  establishment 
of  a  representative  kinematic  failure  mechanism  for  the  prescribed 
boundary  and  discontinuous  conditions.  The  kinematic  failure 
mechanism  is  referred  to  as  the  "failure  pattern."  The  stresses 
applied  must  satisfy  the  equations  of  equilibrium  for  the  kinematic 
configuration  resulting  from  the  failure  conditions.  This  is  called 
“limit  equilibrium."  Limit  equilibrium  results  if  the  stress  state  is 
reached  in  the  soil  mass  so  that  a  change,  no  matter  how  small,  in  the 
surface  forces  will  cause  a  loss  of  equilibrium  or  collaspe. 

Since  the  first  attempt,  a  number  of  different  solutions  have 
followed  introducing  different  assumptions  for  the  surface  conditions 
and  the  failure  pattern  or  different  empirical  correlations  from 
experimental  data. 

One  of  the  first  and  most  famous  contributors  was  Terzaghi 
(19A3).  His  equation  for  determining  the  bearing  capacity  of  footings 
is  still  used  today: 

W  "  2E  <5ccNc  +  *1%  +  V5  V  (2) 

where 

2B  =  the  width  of  footing 
Nc,Nq,N^  *  the  bearing  factors 
6^,6^  =  the  shape  factors 
q^  =  overburden  pressure 
Y  ■  unit  weight  of  soil 


c  *  cohesion 


The  bearing  capacity  factors  and  the  shape  factors  are 
dimensionless  factors  dependent  on  the  internal  angle  of  friction,  (J, 
of  the  soil.  For  cohesionless  soils  (c  =  0),  the  equation  can  be 
written  as 

Qmax  =  2§^lNq  +  V  *V  (2a) 

For  piles,  the  term  becomes  negligible  compared  to  the  q^N^  term 

and  yields  the  equation 

Pt  "  M<>lV  (2b) 

where 

<Wx  =  ^lNq 

At  =  the  area  of  the  tip  of  the  pile 
Other  derivations  for  ultimate  tip-bearing  capacity  using  the 
same  general  assumptions  but  different  failure  patterns  have  been 
developed.  These  solutions  are  presented  in  Figure  4  for  the 
different  failure  patterns  that  have  been  used.  For  sands,  some  of 
the  various  numerical  values  are  plotted  in  Figure  5  to  show  the  wide 
range  of  the  bearing  capacity  factors,  N^.  A  good  review  of  bearing 
capacity  equations  for  piles  can  be  found  in  Sherman,  Holloway,  and 
Trahan  (1974). 

Skin  Friction 

The  skin  friction  represents  the  maximum  shear  resistance 
developed  at  the  pile-soil  interface.  The  evaluation  of  the  ultimate 
skin  friction  is  based  on  the  simple  laws  of  physics  for  the  sliding 
of  two  rigid  bodies  surface  to  surface.  The  unit  resistance  of  two 


igure  4.  Pile  Foui 


BEARING  CAPACITY  FACTOR 


sliding  surfaces  is  due  to  the  friction  and  the  adhesion  of  these  two 
surfaces: 

f  =  c  +  <j  tan  4  (3) 

an 

where 


c  =  the  adhesion  between  the  shaft  and  soil 
a 

o  =  the  normal  stress  on  the  shaft 
n 

tan<$  =  the  coefficient  of  friction  between  the  shaft  and  soil 
For  sands,  the  adhesion  is  equal  to  zero,  and  the  side  resistance  is 
due  only  to  friction.  The  normal  stress  is  assumed  to  be  equal  to  the 
horizontal  earth  pressure  where  the  horizontal  earth  pressure  is 
determined  by  multiplying  the  vertical  stress  at  a  point  by  the 
coefficient  of  lateral  earth  pressure,  K.  The  vertical  stress  is 
taken  as  the  effective  overburden  pressure.  The  unit  side  resistance 
is 

f  =  KYDtanS  (3a) 


and  the  total  side  resistance  is 

tan<5  A 


P  = 
s 


=  YD2 


where 


(4) 


A  =  the  surface  area  of  the  pile  shaft 
s 

yD  =  effective  overburden  pressure 

Pile-Driving  Formulas 


The  equations  which  relate  the  resistance  of  penetration  of  the 
pile  under  the  blow  of  the  hammer  to  the  static  resistance  of  the  pile 
against  a  vertical  static  load  are  known  as  dynamic  pile  formulas. 


For  almost  a  century,  foundation  engineers  have  tried  to  obtain  the 
information  needed  to  design  pile  foundations  by  measuring  the 


penetration  of  the  pile  due  to  a  hammer  of  known  weight  being  dropped 
on  the  head  of  the  pile  from  a  known  height.  The  dynamic  pile 
formulas  enjoy  great  popularity  among  practicing  engineers  due  to 
their  simple  procedure  for  design. 

The  editors  of  Engineering  News  have  on  file  over  450  different 
pile-driving  formulas.  The  reliability  of  a  number  of  these  formulas 
for  predicting  the  capacity  of  piles  has  been  investigated 
by  Sorensen  and  Hansen  (1957),  Agerschau  (1962),  Flaate  (1964),  Housel 
(1966),  and  Olsen  and  Flaate  (1967).  These  studies  are  summarized  in 
Poulos  and  Davis  (1980).  In  the  450  different  formulas  for  predicting 
the  ultimate  pile  capacity  from  the  hammer  blow  count,  the  values  of 
ultimate  capacity  vary  over  a  very  wide  range.  These  formulas,  no 
matter  how  sophisticated,  group  various  parameters  in  one  lump  sum 
adjustment  making  it  very  difficult  to  determine  the  factors 
controlling  pile  capacity.  The  poor  degree  of  reliability 
demonstrated  by  the  pile-driving  formulas  has  reduced  their  use  to 
that  of  merely  a  check  for  the  relative  capacity  of  piles  within  the 
same  foundation. 

In  the  1930's,  it  was  recognized  that  the  behavior  of  a  pile 
being  driven  was  not  governed  by  a  simple  dynamic  formula  but  rather 
by  a  one-dimensional  wave  equation.  An  exact  mathematical  solution  to 
the  wave  equation  was  not  possible  for  most  practical  problems.  In 
1960,  A.  E.  L.  Smith  developed  numerical  procedures  based  on  direct 
element  idealization  of  the  hammer-pile-soil  system  (Figure  6)  which 
could  be  used  for  extremely  complex  pile-driving  problems. 


Pile 


Texas  A&M  University  has  conducted  extensive  research  on  the 
application  of  the  wave  equation  to  pile-driving  analysis  and  has 
developed  a  computer  program  to  analyze  a  single  pile  during  driving. 

The  wave  equation  models  the  behavior  of  the  pile  due  to 
driving  much  better  than  the  pile-driving  formulas.  The  model  allows 
for  many  of  the  lump  variables  in  pile-driving  formulas  to  be 
investigated  independently. 

All  pile  driving  analysis  procedures  have  a  deficiency  that 
leads  to  uncertainity  of  the  static  ultimate  pile  capacity.  One 
assumption  which  is  inherent  in  this  method  is  that  the  dynamic 
resistance  (the  resistance  to  rapid  penetration)  is  identical  with 
static  resistance  under  slow  penetration.  The  rapid  penetration  is 
resisted  not  only  by  skin  friction,  cohesion,  and  point  resistance, 
but  also  by  the  viscosity  of  the  soil. 

The  method  requires  an  assumed  resistance  from  the  soil  and  a 
distribution  of  that  resistance  along  the  pile  shaft.  This  it  the 
focal  point  for  many  of  the  uncertainties  in  the  method.  Accuracy  in 
applying  the  wave  equation  is  highly  dependent  on  the  assumed 
rheological  model  of  soil  resistance.  The  dynamic  pile-soil 
interaction  behavior  is  extremely  complex.  As  a  pile  penetrates, 
discontinuous  shear  deformations  develop  at  the  tip  and  along  the 
shaft.  Beneath  the  tip,  the  soil  is  compressed  and  displaced  as  the 
region  adjacent  to  the  tip  is  sheared  and  deformed.  The  soil  along 
the  shaft  is  severely  sheared.  Rapid  hammer  blows  on  the  head  of  the 
pile  may  severely  reduce  the  skin  friction  from  that  of  the  static 


condition. 


Soli  behavior  is  a  function  of  the  stress-strain  history,  in 


situ  stress,  stress  path,  and  strain  rate.  The  driving  of  a  pile 
induces  excess  pore  water  pressures  in  the  surrounding  soil  which 
alter  the  stress-strain  behavior  of  the  soil.  Determining  the 
representative  soil  parameters  for  the  pile-driving  analysis  is  at 
best  a  crude  exercise  of  engineering  judgment. 

New  Concepts 


The  approaches  in  the  previous  section  are  based  on  finding  the 
ultimate  capacity  of  a  pile  with  no  regard  to  the  deformation 
necessary  to  reach  this  ultimate  capacity.  Both  methods  arrive  at  the 
ultimate  capacity  of  a  pile  by  assuming  that  the  maximum  bearing 
capacity  of  the  soil  at  the  tip  of  the  pile  and  the  maximum  shear 
resistance  of  the  soil  at  the  pile-soil  interface  along  the  pile  shaft 
are  mobilized  at  the  same  time  with  no  consideration  to  the 
displacement  compatibility  of  the  pile-soil  system. 

Vesic  (1977a)  states  that  the  static  formula  contains  an 
implied  assumption  that  both  the  pile  tip  and  all  points  of  the  shaft 
have  moved  sufficiently  with  respect  to  adjacent  soil  to  develop 
simultaneously  the  ultimate  tip  and  side  resistance  of  the  pile.  The 
displacement  required  for  maximum  side  resistance  is  small  in 
comparison  to  the  displacement  required  to  achieve  the  ultimate  tip 
capacity  (Figure  7).  In  medium  to  dense  sand,  an  ultimate  tip 
capacity  may  never  be  reached. 


Without  question,  the  best  method  for  the  design  of  pile 
foundations  has  been  to  base  the  design  on  field  load  tests  at  the 
site  under  actual  conditions.  A  load  test  will  yield  the  load- 
displacement  behavior  of  the  head  and  tip  of  the  pile.  From  this 
load-displacement  curve,  the  ultimate  capacity  can  be  determined  by 
applying  a  given  failure  criterion.  The  failure  criteria  are  based  on 
allowable  displacement.  Allowable  displacement  is  the  displacement 
that  will  not  cause  damage  to  the  superstructure.  It  would  seem 
logical  that  any  new  theoretical  or  analytical  approach  would  consider 
displacement  of  the  pile  head,  although  this  has  not  been  the  case 
until  the  present. 

Not  only  is  the  load-displacement  behavior  of  the  pile 
important  in  determining  the  load  carrying  capacity  of  pile,  but  it  is 
also  important  for  predicting  the  performance  of  the  superstructure. 
Traditionally,  the  design  of  a  major  facility  is  divided  into  two 
components:  the  design  of  the  superstructure,  and  the  design  of  the 
foundation.  The  design  of  the  superstructure,  is  based  on  assumption 
of  a  rigid  foundation.  The  loads  are  applied  and  analyzed  to  yield 
the  shears,  moments,  and  thrusts  in  the  structural  members  and  the 
loads  to  be  transmitted  to  the  foundation.  The  foundation  is  then 
designed  to  carry  these  loads.  The  design  of  the  foundation  is  often 
divided  into  two  parts  itself:  ultimate  load  carrying  capacity,  and 
ultimate  settlement.  The  displacements  that  the  foundation  undergoes 
are  generally  not  considered  in  the  design  of  the  superstructure, 


although  in  reality  these  displacements  may  affect  the  shear,  moment, 
and  thrust  within  the  superstructure  and  then  ultimately  affect  the 
design  of  the  total  structure. 

In  recent  years,  a  number  of  Investigators  have  been  exploring 
theoretical  approaches  that  consider  the  load-deformation  behavior 
between  the  structure  and  the  soil.  These  types  of  analyses  are 
called  Soil-Structure  Interaction  (SSI)  analyses.  Two  basic 
approaches  have  been  explored  by  the  investigators:  one  based  on 
modeling  the  soil  as  a  continuous  medium,  and  the  other  based  on 
modeling  the  soil  as  a  set  of  discrete  springs. 

To  model  soil  as  a  continuous  medium,  one  must  rely  on  the 
engineering  field  of  continuum  mechanics  to  derive  the  theoretical 
approach.  For  complex  conditions  which  include  most  soil  problems, 
closed-form  solutions  have  a  very  limited  application.  A 
sophisticated  approximation  must  be  employed.  Such  procedures  are 
finite  element,  finite  difference,  and  boundary  element  solutions. 

The  key  to  arriving  at  a  useful  theoretical  approach  of  this  type  is 
in  choosing  the  correct  stress-strain  behavior  of  the  soil  and  the 
soil-structure  interface.  To  arrive  at  a  stress-strain  model  for  soil 
that  will  be  of  practical  application,  there  must  be  some  means  for 
predicting  the  behavior  either  by  in  situ  testing  or  laboratory 
experimentation.  Without  this,  the  model  is  virtually  useless  as  a 
tool  for  design  or  analysis.  General  stress-strain  models  available 
from  the  field  of  continuum  mechanics  are  linear  elastic,  plastic, 


nonlinear  elastic,  viscoelastic,  or  some  combination  of  these.  Of 
these  models,  the  elastic  solid  is  the  simplest  to  use  and  the  one 
most  often  applied  to  pile  foundations. 

Elastic  Solid  Model 

D'Appolonia  and  Romuadi  (1963)  were  among  of  the  first  to 
utilize  elastic  theory  in  the  analysis  of  load  transfer  in  end  bearing 
piles.  Since  then  a  number  of  investigators  have  employed  elastic 
theory  in  the  analysis  of  pile  foundations:  Thurman  and  D'Appolonia 
(1965),  Nair  (1967),  Poulos  and  Davis  (1968),  Poulos  and  Mattes 
(1969a,  1969b),  Butterfield  and  Banerjee  (1971a,  1971b),  Banerjee  and 
Davies  (1977),  and  Randolph  and  Wroth  (1978).  In  this  approach  the 
pile  is  generally  divided  into  uniformly  loaded  elements  whose 
displacement  must  be  compatible  with  the  surrounding  soil.  The 
displacements  in  the  compressible  pile  element  are  due  to  an  imposed 
axial  load  at  the  pile  head.  The  displacement  in  the  soil  is  due  to 
stresses  Induced  from  the  pile  shaft  and  tip.  These  stresses  and 
displacements  are  computed  using  Mindlin's  (1936)  equations  for  a  load 
within  an  elastic  continuum.  The  major  difference  between  these 
procedures  is  in  the  shear  stress  distribution  along  the  pile  shaft: 
whether  a  point  load,  uniformly  loaded  circular  area  at  the  center  of 
each  element,  or  uniformly  distributed  load  around  the  circumference 
of  each  element.  The  latter  has  been  found  to  be  the  most 
satisfactory  (Poulos  and  Davis  1980).  A  detailed  description  of  the 
approach  is  presented  in  Poulos  and  Davis  (1980). 
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With  use  of  Mindlin's  equations,  the  effect  of  the  shear  stress 


at  one  point  on  the  shaft  or  at  the  tip  can  be  considered  for  all 
other  points  within  the  system.  The  soil  surrounding  the  pile  is 
assumed  to  be  a  homogeneous,  linear  elastic,  isotropic  solid  defined 
by  a  modulus  of  elasticity,  E  .  and  a  Poisson's  ratio,  y  ,  (Figure 
8).  The  pile  is  divided  into  elements  (Figure  9).  The  load  transfer 
for  the  pile  element  is 


AP4  -  P£  -  P^!  -  f(z£) 


(5) 


The  load-transfer  function,  fz,  for  the  soil  is  replaced  by  a  set  of  n 


equations  of  the  form 


B 


U  =  ~  Z  I..f .  +  I.  q. 
s, i  Eg  j=1  ij  3  !P  J 


(6) 


and  an  equation  for  the  tip 

n 


B 


- 1.  a  Vj  ♦ 


(7) 


where  U  ■  the  displacements  vector  of  the  soil 

I.,  *  the  influence  factor  for  settlement  of  element  j  caused 
by  forces  P..  The  influence  factors  are  determined  by 
Mindlin's  solution  for  stresses  and  displacement  in  a  semi¬ 
infinite  elastic  solid  from  point  loads  in  the  interior 
of  the  solid.  If  no  slippage  occur,  there  are  n  equations 
of  the  form 

U  _  u  =  ZMi 

p,j+l  p.j  EpA  (8) 


If  slippage  occurs  they  are  replaced  by 


f  A  AL 
s  s 


(9) 


AP 


i 


where  f  is  the  maximum  side  resistance  for  the  point  considered. 

This  yields  2n+l  equations  for  n  unknown  forces  and  n+1  unknown 
displacements.  These  are  written  in  a  matrix  form  and  solved  on  a 
digital  computer. 

The  assumption  of  a  linear  elastic  system  greatly 
oversimplifies  the  pile-soil  system.  Poulos  and  Davis  (1980)  present 
empirical  corrections  for  pile  driving  effects,  nonlinear  stress- 
strain  behavior,  etc.,  all  based  on  observations  from  the  field  and 
model  tests.  The  method  allows  for  tension  to  occur  in  the  soil  which 
most  soils  can  take  very  little  of,  if  any.  Load  transfer  by 
Mindlin' s  solution  may  induce  significant  tensile  stress  beyond  the 
point  of  the  load  application.  Tensile  stress  could  cause  a 
considerably  different  stress  distribution  surrounding  the  pile  than 
would  actually  occur  in  the  soil. 

This  is  shown  in  Figure  10:  the  left  side  of  the  distribution 
is  due  to  uniform  shear  load  along  the  pile  shaft;  the  right  side 
shows  the  distribution  due  to  a  point  load.  Tensile  stresses  are 
developed  along  the  shaft  due  to  the  tip  load.  For  the  stresses  due 
to  skin  friction  to  have  an  effect  along  the  shaft,  they  must  be 
significantly  larger  than  the  tip  load. 

This  model  has  some  serious  limitations  as  stated  by  two  of  its 
most  prominent  advocates,  Poulos  and  Davis  (1980):  "Soil  and  rock  are 
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Figure  10.  Distribution  of  Vertical  Stresses  Around  a 

File  in  an  Elastic  Continuum  (After  Vesic  1977) 


not  ideal  elastic  materials  in  that  the  stress  and  strain  are  not 
linearly  related,  strains  are  not  fully  recoverable  on  reduction  in 
stress,  and  strains  are  not  independent  of  time.  The  best  that  can  be 
said  is  that,  the  strains  in  the  soil  increase  as  the  stress 
increases."  Even  with  these  limitations,  the  linear  elastic  model  is 
often  utilized.  Attempts  to  use  more  sophisticated  stress-strain 
behavior  models  have  shown  some  promise,  but  they  are  too  difficult  to 
use  in  practice  because  of  the  complex  numerical  procedures  and  the 
difficulty  in  determining  soil  parameters  from  laboratory  or  in  situ 
tests. 


Discrete  Spring  Model 


Modeling  the  soil  as  a  set  of  discrete  springs  was  first 
suggested  by  Winkler  for  beams  on  elastic  foundations.  The  concept 
was  later  applied  to  laterally  loaded  piles  by  Matlock  and  Reese 
(1960)  and  to  axial  loaded  piles  by  Reese  and  Seed  (1957).  The 
discrete  set  of  springs  is  known  as  Winkler  springs.  For  beams  on 
elastic  foundations,  the  set  of  springs  is  called  a  Winkler 
foundation.  Axially  loaded  and  laterally  loaded  pile  analyses  are 
classified  as  beam-column  analyses  with  springs  modeling  the  soil 
(Figure  11). 


These  are  the  general  governing  differential  equations  for  the 
beam-column  system  shown  in  Figure  12: 


4“  (EA  -  K  u  =  q 

dx  dx  x  x 


(10) 


^2  (E!  +  f  -  (P  £)  +  K  v  =  q 

dx2  dx2  dx  dx  y  y 
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where  I  *  moment  of  inertia 
P  =  axial  force 
K  ,K  *  spring  constants 

y  * 

v,u  *  displacements  In  y  and  x  direction,  respectively 


with  the  force-deformation  relationship  as 


P  = 


-EA 


du 

dx 


M  =  El 


A 

dx2 


.2 

d  vx 


dx 


dx 


Mechanics  of  an  Axially  Loaded  Pile 

A  vertical  load  applied  at  the  head  of  a  vertical  pile  is 
resisted  by  the  shearing  resistance  of  soil  along  the  pile  shaft  and 
bearing  resistance  developed  at  the  r  >f  the  pile  (Figure  2). 
Mathematically,  this  is  stated  as 


P..  = 


X  =  L 

/  f Adx  +  P„ 


(15) 


The  above  is  the  basis  for  the  static  formula  (Equation  1).  The 
equation  only  ensures  that  the  forces  along  the  shaft  and  at  the  tip 
and  head  of  the  pile  are  in  equilibrium. 


Either  a  finite  difference  or  a  finite  element  solution  can  be 
used  to  solve  these  equations. 

For  the  finite  element  solution,  the  pile  is  divided  into  beam 
elements  with  distributed  nonlinear  springs  (Figure  11),  and  the  load- 
displacement  relationship  for  each  element  is  written  to  form  a  system 
of  simultaneous  equations: 


[F]  =  [Sb  +  Ss][U] 


(19) 


where 

F  *  forces  at  end  of  each  element 
Sb  =  axial  stiffness  of  the  beam 
Sg  =  stiffness  provided  by  the  soil 
U  =  displacement  at  end  of  each  element 


The  equation  is  then  solved  for  the  specified  boundary  conditions,  the 
forces,  and  the  displacements  within  and  along  the  pile. 

For  the  finite  difference  solution,  the  pile  is  divided  into 
increments  as  shown  in  Figure  14,  and  the  force  in  the  pile  is 
described  by: 

dPi 

Pi+1  Pi  dx  (5) 


The  change  in  force  in  the  pile  is  equal  to  the  side  resistance: 


dP 


i 


dx 


'  Kx<"> 


(20) 


Then  dP 

i 

dx 

Integrating  gives 
P.  = 

l 


EA 


du 

dx 


(EA) 


Writing  in  finite  difference  form  gives 

du  =  Ui-1  ~  Ui+1 

dx  2h 

du  _  du 

,2  dx.  ,  dx.,, 

d  u  _  i-1 _ l+l 

dx  2h 


(18b) 


(18c) 


(18d) 

(18c) 
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From  Figure  14, 
Kx(u) 


i+1 


(20a) 


Pi-1  -  Pi+1  "  2h 


(20b) 


The  change  in  force  in  the  pile  is  assumed  to  be  linear  across  an 
increment 


P 


i-1 


pi  -  h  Kx(u) 


(20c) 


Substituting  Equation  18d  for  du/dx  in  Equation  18c,  P^,  can  be 
written  as 


P. 

l 


EA 


Ui-1 


Ui+1 


2h 


(20d) 


Rewritten 

2hP . 

EA  =  Ui-1  “  Ui+1  (20d) 


If  the  pile  section  has  a  constant  E  and  A,  the  following  is  true: 


i+1 


(20e) 


hP. 

EA~  =  Ui+1  =  ui 

Thus,  starting  at  the  tip,  the  force  is  determined  and  the 
corresponding  displacement,  u,  is  computed.  The  procedure  is 
continued  until  the  force  at  the  head  is  obtained. 

The  load-displacement  behavior  of  piles  has  been  based  on  field 
data  and  empirical  correlations  with  soil  parameters.  This  approach 
has  fallen  under  criticism  by  some  theoreticians  due  to  the  fact  that 


the  springs  in  the  system  are  not  connected,  making  the  response  of 


I. 


.V.'! 

lV  . 
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each  spring  in  the  system  independent  of  the  others.  The  interactions 
between  springs  along  the  pile  are  accounted  for  in  the  correlation  by 
developing  the  spring  behavior  from  field  pile  data  where  the 
interaction  of  springs  is  built  into  the  correlation.  Criteria  for 
the  springs  developed  from  field  data  have  the  influence  of  the 
continuous  nature  of  the  soil  impHclty  represented. 

This  brings  us  to  a  fundamental  question  in  soil  mechanics  and 

foundation  engineering.  Given  that  soils  are  highly  discontinuous  and 

are  made  up  of  small  particles  resting  on  each  other,  adhering  to  each 

other,  and  chemically  bonding  to  one  another,  it  is  difficult  to 

obtain  a  theoretical  model  for  the  soil  based  on  a  continuous 

medium.  This  has  led  to  two  different  fundamental  approaches  to 

foundation  analysis.  One  approach  is  derived  from  the  theoretical 

consideration  of  the  soil  as  a  continuous  medium  and  the  geometry 

configurations  of  the  particular  problem.  An  example  of  this  is  the 

determination  of  the  ultimate  bearing  capacity  of  a  footing  based  on 

Terzaghi's  bearing  capacity  equations  derived  from  limit  equilibrium 

theory.  The  magnitudes  of  the  bearing  capacity  factors,  N  ,  N  ,  N  , 

c  4  y 

are  only  dependent  on  the  strength  parameters  of  the  soil  which  are 
measured  by  in  situ  or  laboratory  tests.  Improvements  to  theoretical 
approaches  are  advanced  by  better  analytical  and/or  numerical 
procedures  and  better  techniques  for  estimating  the  soil  properties. 
The  second  approach  to  foundation  analysis  has  been  based  on  empirical 
correlations.  These  empirical  approaches  have  been  used  for 
decades.  An  excellent  example  of  this  is  the  correlation  between 
standard  penetration  tests  and  liquefaction  potential  of  sands.  The 
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empirical  approach  can  only  be  as  good  as  the  test  data  that  it  is 


based  on.  Having  a  large  quantity  of  good  quality  observations  is 


necessary  for  finding  a  good  correlation.  The  empirical  approach  may 


be  equal  to  or  even  better  than  the  theoretical  approach,  for  example, 


in  the  determination  of  liquefaction  potential  for  sands. 


The  latter  approach  has  been  used  with  great  success  in  the 


design  and  analysis  of  pile  foundations,  especially  laterally  loaded 


piles  and  axially  loaded  piles  in  clay.  This  extensive  usage  has  been 


stimulated  by  a  large  volume  of  offshore  construction  and  related 


research.  There  has  been  a  lack  of  information  in  the  literature  on 


axially  loaded  piles  in  sands.  To  develop  an  empirical  approach  field 


data  must  be  available.  For  piles,  the  field  data  are  obtained  from 


pile  load  tests.  The  next  section  outlines  the  procedures  that  are 


used  to  interprete  the  pile  load  tests  and  determine  the  soil 


parameters  at  the  test  sites. 


Review  of  the  Interpretation  of  Pile  Load  Test  Results 


Load  tests  can  be  classified  under  two  categories:  (1) 


verification  of  a  design  calculation,  (2)  investigation  of  the  pile- 


soil  system.  The  load  tests  employed  for  verification  are  generally 


inexpensive  tests  yielding  the  load-displacement  behavior  of  the  butt 


(Figure  15).  Only  limited  information  is  gained  in  a  test  of  this 


type.  To  investigate  the  pile-soil  interaction,  the  pile  must  be 


instrumented  in  a  fashion  that  will  give  the  distribution  of  the  load 


within  the  pile  for  a  given  butt  load  and  displacement  (Figure  16). 


Butt  Load  (tons) 


test  of  this  type  requires  careful  planning  and  more  elaborate 
instrumentation  than  the  verification  test  and  is  more  costly. 

Although  more  expensive,  the  test  is  very  cost-effective  when  weighed 
against  the  fundamental  insight  into  the  pile-soil  interaction  that  is 
obtained  from  the  test.  Reese  (1979)  advised  that,  when  possible,  the 
test  piles  should  be  loaded  to  failure,  a  sizable  number  should  be 
instrumented,  and  for  nearly  all  piles  the  behavior  prior  to  the 
application  of  the  load  should  be  predicted. 

No  one  single  standard  procedure  exists  for  the  testing  of 
piles  subject  to  axial  load.  The  American  Society  for  Testing  and 
Materials  has  set  forth  procedures  in  "Testing  Piles  Under  Axial 
Compressive  Loading"  (D  1143)  for  the  instrumentation  and  loading  of 
axially  loaded  piles.  Unstrained  rods  (telltales)  and  strain  gages 
are  the  most  common  instruments  used  for  determining  the  load 
distribution  in  the  pile,  while  load  cells  are  employed  to  determine 
the  load  at  the  pile  head  and  dial  gages  to  measure  the  movement. 

Piles  are  instrumented  to  obtain  the  axial  load  at  the  head 
versus  head  settlement,  the  axial  load  at  the  head  versus  tip 
settlement,  and  the  load  distribution  along  the  pile  shaft  for  each 
load  increment  applied.  Typical  types  of  plots  for  this  info  stion 
are  shown  in  Figures  17  and  18.  The  field  data  from  pile  tests  not 
provide  pile-soil  interaction  information  directly.  The  data  must  be 
analyzed  and  interpreted  to  yield  the  necessary  information. 

Reese  (1979)  described  a  method  for  analyzing  data  from  a  test 
on  instrumented  deep  foundations  under  axial  load.  For  a  given 
distance  along  the  pile,  x^,  and  a  load  distribution  curve,  the  slope 


of  that  curve,  dP/dx,  divided  by  the  circumference  of  the  pile  at  a 
given  length  yields  the  unit  load  transfer  (Figure  19).  The 
intergration  of  the  area  under  the  load  distribution  curve  divided  by 
the  approximate  value  of  axial  stiffness  yields  the  compression  of  the 
pile  for  the  lengths  selected.  That  compression  subtracted  from  the 
movement  at  the  top  of  the  pile  for  the  load  being  considered  yields 
the  vertical  movement  of  the  pile,  z.  Thus,  using  this  procedure, 
points  on  the  load  transfer,  f,  versus  pile  movement,  z,  curves  can  be 
plotted  at  depths  x^  (Figure  20). 

The  detailed  steps  for  analyzing  the  field  data  are: 

(1)  Starting  at  the  pile  head,  compute  the  elastic 
compression  in  each  pile  segment  using  the 
average  of  the  measured  loads  at  the  ends  of  the 
segment  (Figure  21). 

^2)  Determine  the  tip  settlement  for  the  load  increment 
considered  by  subtracting  from  the  displacement  at 
the  pile  head  the  total  elastic  compression  of  the 
pile . 

(3)  Starting  at  the  tip,  calculate  the  total  displacement 
of  the  midpoint  of  each  segment  by  considering  the 
settlement  of  the  tip  and  the  elastic  compression. 

(4)  The  load  transfer  within  a  section  is  assumed  to  vary 
linearly  throughout  the  section.  Starting  at  the  pile 
head  the  difference  between  the  measured  loads  at  the 
top  and  bottom  of  each  section  is  assumed  to  be  the 
load  transferred  to  the  surrounding  soil.  Dividing  the 
difference  by  the  surface  area  of  that  section  gives 
the  shear  transferred  to  the  soil  at  the  midpoint  of 
that  section. 

(5)  Then,  plotting  the  shear  transfer  and  total  movement  at 
the  midpoint  of  each  section  for  each  load  increment 
gives  the  shear  transfer  versus  pile  movement  along  the 
shaft  (Figure  20). 

The  transfer  along  a  shaft  can  be  estimated  for  piles  with  just 
the  information  on  tip  and  head  movement.  The  skin  friction  can  be 


obtained  by  plotting  two  curves:  a  curve  showing  the  elastic 
compression  in  the  pile  as  a  function  of  the  applied  load,  and  a  curve 
showing  the  downward  movement  of  the  pile  tip  as  a  function  of  applied 
load.  From  the  first  of  these  two  plots,  it  is  possible  to  find  out 
whether  or  not  the  pile  is  behaving  principally  as  a  friction  pile  or 
an  end  bearing  pile.  From  the  second  curve  using  assumptions  that  the 
amount  of  skin  friction  support  for  the  pile  is  limited  to  some 
maximum  value,  this  maximum  value  of  skin  friction  is  substantially 
mobilized  with  pile  movements  considerably  less  than  required  to  cause 
a  bearing  capacity  failure.  The  bearing  stratum  will  deflect  linearly 
until  the  applied  load  approaches  its  ultimate  bearing  capacity.  The 
curve  defining  tip  behavior  can  then  be  constructed. 

Residual  Stresses 

To  understand  and  determine  the  exact  performance  of  pile  tests, 
the  residual  stresses  in  the  pile  must  be  accounted  for.  The  process 
of  impact  driving  induces  stresses  in  the  pile-soil  system  before 
piles  are  ever  loaded  in  the  testing  procedure.  If  the  ram  delivers 
its  blow  to  the  pile  head  the  momentum  of  the  ram  is  transferred  to 
the  pile  creating  an  impulse  energy  that  compresses  the  pile  and 
Impels  it  into  the  soil  (Figure  22).  After  each  blow,  the  total 
rebound  of  the  pile  is  prevented  by  the  side  resistance  on  the  shaft 
causing  residual  compression  stresses  to  remain  in  the  pile,  which  can 
be  shown  using  a  mechanical  model  of  the  pile-soil  system  (Figure  23). 

The  side  resistance  in  the  upper  section  of  the  pile  is  due  to 
negative  skin  friction,  while  In  the  lower  section  the  side  resistance 


results  In  preloading  the  soil  before  a  load  is  even  applied  to  the 
pile.  Figure  24  show  the  soil  behavior  in  the  upper  and  lower  section 
of  the  pile  due  to  residual  load  in  the  pile.  The  effect  of  not 
adjusting  for  the  residual  load  is  shown  in  Figure  24  also.  If  the 
plot  is  not  adjusted,  the  shear  transfer  can  be  grossly  overestimated 
in  the  upper  section  and  underestimated  in  the  lower  section. 

The  importance  of  the  effects  of  residual  stresses  on  the 
interpretation  of  load  test  data  can  best  be  demonstrated  by 
hypothetical  pile  test  results  shown  in  Figure  25.  Curve  me  and  curve 
mt  in  Figure  25a  show  the  measured  load  distribution  in  the  pile.  The 
resulting  side  resistance  from  the  measured  load  distribution  is  shown 
in  Figure  25b.  The  residual  stresses  are  shown  as  curves  r. 

Adjusting  the  measured  load  distribution  for  residual  loads  yields  the 
actual  load  distribution  in  the  pile  as  a  result  of  the  applied  loads, 
curves  c  and  t.  If  the  measured  distribution  was  used  without 
adjustment  for  residual  stresses,  it  would  lead  to  an  overestimated 
side  resistance  and  an  underestimated  tip  capacity.  Failure  to 
consider  the  residual  stress  in  the  pile  could  cause  serious 
deficiencies  in  a  design  based  upon  the  pile  test. 

Residual  stresses  in  pile  tests  were  first  recognized  to  be 
significant  in  the  Old  River  Low~Sill  structure  (Mansur  and  Kaufman 
1958).  An  effort  was  made  to  measure  the  residual  stresses  by  means 
of  strain  rods,  but  this  proved  to  be  unsuccessful  as  a  result  of 
temperature  changes  and  manipulation  of  the  strain  rods  prior  to  and 
during  driving.  In  the  Arkansas  River  pile  tests,  residual  stresses 
were  recorded  and  considered  in  the  analysis  of  the  test  data.  The 


graph  procedure  used  in  the  Arkansas  River  tests  was  presented  by 
Hunter  and  Davisson  (1969).  Their  methodology  calls  for  the  test  pile 
to  be  instrumented  so  that  the  distribution  of  loads  along  the  shaft 
can  be  determined.  Readings  are  made  before  driving,  after  driving, 
and  during  each  load  cycle.  The  load  distribution  in  the  pile  is 
plotted  in  Figure  25.  For  a  compression  test,  the  measured  loads  at 
each  instrumentation  point  in  the  pile  at  zero  butt  load  are  added  to 
the  measured  load  distribution  under  an  incremental  butt  load.  The 
newly  formed  distribution  from  this  procedure  is  curve  c  (Figure  25a); 
it  is  adjusted  for  residual  stresses  from  driving  or  from  the  previous 
load  cycle.  For  tension  tests  (Figure  25),  residual  loads  in  the  pile 
are  shown  at  the  end  of  the  compression  test  by  curve  r.  Curve  mt  is 
the  load  distribution  in  the  pile  after  the  tension  load  was  applied. 
Curve  mt  shows  a  tension  load  at  the  tip;  however,  this  is  an 
impossibility,  because  the  resistance  at  the  tip  has  to  be  zero.  The 
compression  test  locked  in  residual  stresses  in  the  pile  causing  the 
reading  at  the  tip  to  show  a  tension  load.  Hunter  and  Davisson’s 
(1969)  adjustment  for  a  tension  test  was  to  subtract  the  measured 
loads  in  the  pile  at  the  end  of  the  compression  test  curve,  r,  from 
the  measured  load  distribution  for  the  applied  tension  load  at  the 
butt.  The  newly  formed  distribution,  curve  t,  is  the  load  transferred 
to  the  soil  from  the  shaft. 

Holloway,  Clough,  and  Vesic  (1978)  presented  a  more 
sophisticated  procedure  which  would  approximate  pile-soil  interaction 
behavior  throughout  the  installation  and  load  test.  This  is  based  on 
the  one-dimensional  wave  equations  for  the  driving  behavior  coupled 


with  a  static  equilibrium  solution.  A  finite  difference  computer 
program  was  written  for  the  analysis.  The  method  also  can  be  used  to 
predict  residual  stresses  due  to  driving  before  the  actual  pile 
driving  and  can  be  used  to  determine  stresses  in  the  pile  from 
driving. 


Standard  Penetration  Test 


In  cohesionless  soils,  field  investigations  have  been  limited 
due  to  the  fact  that  undisturbed  samples  of  high  quality  are  hard  to 
obtain.  For  this  reason,  standard  penetration  test  (SPT)  results  are 
used  to  estimate  the  angle  of  internal  friction  for  the  sands  involved 
in  the  tests  in  this  report.  The  angle  of  internal  friction  and  the 
relative  density  have  significant  effects  on  the  unit  side  resistance 
and  point  resistance.  This  was  shown  in  Castello's  (1980)  report. 
Since  the  standard  penetration  test  is  the  only  feasible  means  of 
determining  material  properties,  a  closer  look  should  be  taken  at  the 
relationship  between  the  standard  penetration  test  with  results  given 
in  blows  per  foot  (N  values)  of  penetration  and  the  angle  of  internal 
friction.  Correlations  have  been  developed  between  the  two.  To 
obtain  accurate  results,  corrections  must  be  applied  to  the  field  blow 
counts  to  account  for  factors  that  affect  the  blow  count  and  may  lead 
to  erroneous  values.  Factors  affecting  blow  counts  are  removal  of 
overburden,  overburden  pressure,  saturated  fine  or  silty  sands  below 
the  water  table,  type  equipment,  and  its  operation.  The  three  factors 
that  will  be  considered  for  correction  to  N  values  are  removal  of 


59 


overburden,  saturated  fine  or  silty  sands  for  N  values  bel^w  the  water 
table,  and  the  effect  of  overburden  pressure  during  the  performance  of 
the  test.  All  these  factors  will  be  considered  in  analyzing  the  SPT 
tests  for  the  results  used  in  this  report. 

Mansur  and  Kaufman  (1958)  found  a  reduction  in  N  values 
obtained  from  standard  penetration  tests  as  a  result  of  excavation  of 
material  at  the  Low-Sill  Structure.  The  removal  of  50  ft  of 
overburden  reduced  the  N  values  by  as  much  as  50  percent.  At  the 
Arkansas  River  test,  Mansur  and  Hunter  (1964)  also  discovered  a 
reduction  in  N  values  due  to  removal  of  the  overburden.  A  reduction 
of  15  percent  was  found  due  to  an  excavation  of  20  ft.  Based  on  these 
results,  a  reduction  in  N  values  of  an  average  of  1  percent  for  each 
foot  of  material  removed  was  used  in  correcting  the  standard 
penetration  test  for  the  test  sites  in  this  report.  N  values  were 
further  reduced  if  the  test  piles  penetrated  either  saturated  fine 
sand  or  silty  sand  by  the  equation  (Bowles  (1977)). 

Nc  -  15  +  1  (Nf  -  15)  (21) 

where  Is  the  field-measured  blow  count. 

Gibbs  and  Holtz  (1957)  found  that  different  overburden 
pressures  give  different  blows  per  foot  for  soil  of  the  same  relative 
density.  They  developed  charts  (Figure  26)  that  relate  N  values  to 
relative  density,  L>r,  for  a  given  effective  pressure.  Once  the 
relative  density,  Dr,  is  found,  the  angle  of  internal  friction  can  be 
found  from  Meyerhof's  (1956)  equations: 


for  >  5%  fine 


(22a) 


0  =  25  +  25  Dr  (in  degrees) 
for  <  5%  fine  0  =  30  +  25  Dr  (in  degrees)  (22b) 


Peck,  Hanson,  and  Thornburg  (1974)  present  an  equation  for  a 

correction  factor,  C^,  for  effective  vertical  overburden  pressure  to 

be  applied  to  field  N  values: 

CN  =  0.77  log10  f-  (23) 

v 

where  is  the  effective  vertical  overburden  pressure  in  tons/sq  ft. 

Bazaraa  (1967)  presented  a  set  of  equations  to  correct  the 
field  blow  count  for  the  effects  of  overburden  pressure: 


o  <  1.5  ksf 
v 

a  >1.5  ksf 
v 


Nc  = 


4Nf 


1  +  2a 


Nc  = 


4Nf 


3.25  +  0.5a 


(24a) 

(24b) 


v 

Figure  27  shows  a  plot  of  these  two  methods  for  the  correction 
of  the  N  value  for  the  effects  of  overburden  pressure.  The  method 
presented  by  Peck,  Hanson,  and  Thornburg  (1979)  will  be  used  in  this 
study.  Once  the  corrected  N  value  has  been  determined,  the  angle  of 
internal  friction  can  be  obtained  from  the  empirical  correlation  by 
Peck,  Hanson,  and  Thornburg  (1974)  shown  in  Figure  28. 


Behavior  of  Axially  Loaded  Piles  in  Sands 

"A  surprising  fact  for  your  students  in  soil  mechanics  is  that, 
although  men  have  built  on  deep  foundations  for  many  centuries,  the 


Standard  penetration  resistance 


basic  laws  of  the  bearing  capacity  of  these  deep  foundations  are  still 
unknown.”  (Kerisel  1964). 

This  lack  of  knowledge  of  pile  behavior  is  not  due  to  lack  of 
interest  but  rather  due  to  the  complexity  of  the  problem.  The  problem 
of  side  and  tip  resistance  of  a  pile  is  a  complex  one  with  many 
variables.  This  complexity  has  resulted  in  very  limited  information 
in  the  literature  on  the  subject.  The  general  approach  for  side 
resistance  has  been  based  on  earth  pressure  theory  and  friction 
between  two  solids.  The  development  of  the  point  bearing  and  the  side 
resistance  is  generally  treated  independently  in  design/ analysis  of 
pile  foundations.  The  load  carried  by  the  tip  is  commonly  estimated 
by  extending  the  classical  bearing  capacity  theory  for  shallow 
foundations.  The  side  resistance  is  usually  estimated  assuming  the 
development  of  friction  between  the  pile  shaft  and  the  surrounding 
soil  as  if  they  were  two  solids.  The  pressure  on  a  surface  between 
the  pile  and  soil  is  determined  by  lateral  earth  pressure  theory  which 
is  assumed  to  be  related  directly  to  the  vertical  earth  pressure  from 
the  overburden  soil.  The  lateral  earth  pressure  is  generally  assumed 
to  be  from  one-half  to  one  times  the  vertical  earth  pressure,  but  some 
feel  it  may  approach  values  equivalent  to  the  passive  pressure  which 
may  be  between  two  to  three  times  greater  than  the  vertical 
pressure.  The  friction  angle  is  assumed  to  vary  between  one-half  to 
the  equivalent  of  the  internal  angle  of  friction,  0.  It  is  generally 
established  from  values  determined  in  laboratory  tests.  The  direct 
application  of  conventional  earth  pressure  theory  to  determine  the 
capacity  of  piles  has  perhaps  occurred  without  due  consideration  to 


such  facts  as  the  lack  of  definite  shear  planes  and  the  presence  of 
arching  in  the  vicinity  of  the  pile. 

Instrumented  field  pile  tests  and  model  tests,  both  large-  and 
small-scale,  in  homogeneous  sands  have  shown  that  the  side  resistance 
and  point  resistance  do  not  increase  at  a  constant  rate  with 
increasing  depth.  It  was  once  believed  that  the  side  resistance  and 
point  resistance  for  homogeneous  sands  would  increase  linearly  with 
increasing  depth  for  a  constant  angle  of  internal  friction  0.  The 
increase  was  attributed  to  increasing  overburden  pressure  as  the  depth 
increased.  Examining  the  static  formula,  the  only  variable  that 
changes  in  a  homogeneous  soil  is  the  normal  pressure  computed  as  the 
overburden  pressure,  which  increases  linearly  with  depth. 

It  has  been  found  that  the  side  resistance  and  point  resistance 
increase  approximately  linearly  with  depth  to  a  critical  depth  shown 
in  Figure  29,  beyond  which  the  rate  of  change  decreases  with  depth. 
Vesic  (1967)  performed  a  number  of  field  and  model  tests  that  showed 
this  phenomenon;  examples  of  this  are  shown  in  Figures  30  and  31. 

Very  little  is  known  about  the  cause  of  this,  and  much  less  is  known 
about  a  method  of  predicting  its  occurrence.  To  develop  some  insight 
into  the  behavior  of  a  single  pile  driven  in  the  sand,  a  review  of  the 
literature  was  conducted. 

The  key  to  developing  and  understanding  this  phenomenon  that 
occurs  in  axially  loaded  piles  in  sands  is  to  consider  the  changes 
that  the  soil  undergoes  during  installation.  The  method  of 
installation  of  a  pile  has  a  direct  influence  on  its  behavior.  The 
piles  that  are  examined  in  this  report  were  installed  by  driving  with 
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either  an  impact  hammer  or  a  vibratory  hammer.  These  two  methods  of 
installation  are  the  most  common  methods  used  for  piles  in  sands. 
Driving  generally  creates  more  disturbance  than  any  other  method  of 
installation.  A  number  of  investigations  have  been  conducted  on  the 
effects  of  driving  on  the  behavior  of  piles.  This  section  will  review 
these  studies  and  investigate  the  effect  of  driving  on  a  design 
procedure. 

The  act  of  driving  piles  in  sand  causes  an  altering  of  the  soil 
conditions  in  the  vicinity  of  the  pile.  The  soil  conditions  that  were 
present  prior  to  driving  are  permanently  changed.  If  this  change  is 
not  considered  in  the  design,  the  design  will  not  reflect  the  actual 
soil  conditions  or  the  correct  behavior  of  the  pile.  For  many  years, 
this  change  in  soil  conditions  due  to  installation  was  known  to  occur, 
but  little  was  understood  about  its  influence  on  pile  behavior. 

Meyerhof  (1959)  investigated  the  compaction  of  the  sand  around 
the  shaft  and  under  the  tip  of  a  pile  after  driving.  He  studied  the 
increase  in  relative  density  from  the  process  of  driving  the  pile  and 
its  effect  on  the  ultimate  load  capacity  of  the  pile.  The  compaction 
of  the  sand  around  the  pile  Is  due  to  the  displacement  from  the 
insertion  of  the  pile  into  the  soil  and  the  vibration  from  the 
hammer's  impact.  This  causes  a  permanent  rearrangement  and  a  crushing 
of  the  soil  particles  in  the  vicinity  of  the  pile.  The  degree  of 
compaction  is  governed  by  the  intensity  and  the  duration  of  the 
pressure  introduced  in  the  soil  by  the  impact  of  the  hamnar. 

Meyerhof  (1959)  performed  a  number  of  laboratory  tests  to 
develop  a  relationship  between  degree  of  compaction  and  induced 


pressure  from  the  impact  hammer.  He  correlated  this  information  with 
field  data  to  determine  the  degree  of  compaction  around  the  pile  tip 
and  shaft  for  a  field  pile.  He  developed  a  method  to  compute  the 
degree  of  compaction  in  the  vicinity  of  the  pile  based  on  the  maximum 
pressure  at  the  tip  from  the  impact  pressure  at  the  pile  head 
determined  by  a  dynamic  pile  formula.  The  state  of  stress  in  the  soil 
under  the  tip  consisted  of  a  zone  where  the  shear  strength  is  fully 
mobilized,  a  plastic  zone  that  extended  out  some  distance  from  the 
tip,  to  a  zone  that  was  in  the  elastic  state  prior  to  the  driving.  To 
develop  a  plastic  zone,  the  stress  induced  must  be  of  the  magnitude  to 
produce  substantial  permanent  deformation  under  the  tip  of  the  pile. 
The  permanent  deformation  causes  the  compaction  and  the  densif ication 
of  the  sand  in  the  immediate  vicinity  of  the  pile.  Once  the  magnitude 
of  the  pressure  at  the  tip  is  determined,  the  stress  in  the 
surrounding  soil  can  be  computed  by  classical  plasticity  theory  and  by 
elasticity  theory  beyond  the  failure  surface  (Figure  32).  From  these 
calculated  stresses,  the  relative  density  (DR)  is  determined  from 
Meyerhof's  correlation  developed  from  laboratory  tests  for  change 
in  relative  density  due  to  compaction.  The  angle  of  internal 
friction,  0,  corresponding  to  the  new  relative  density  determined  from 
the  stresses  in  the  soil  may  be  reduced  from  results  of  standard  or 
static  penetration  tests.  The  zone  of  the  new  angles  of  internal 
friction,  0,  decreases  with  depth  from  the  tip  of  the  pile  in  the 
plastic  zone  until  it  reaches  the  elastic  zone.  Once  it  has  reached 
the  elastic  zone,  the  angle  of  internal  friction,  0,  essentially 
remains  unchanged.  The  distance  from  the  tip  to  the  elastic  zone  was 


Figure  32.  Plastic  Zone  and  Shear  Pattern 
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found  to  range  from  about  8  diameters  directly  below  the  tip  to  about 
3  diameters  on  the  side,  forming  a  tear  drop  shaped  bubble  around  the 
tip.  Figure  33  show  a  comparison  by  Meyerhof  (1959)  of  observed  and 
estimated  results  for  a  driven  pile. 

Robinsky  and  Morrison  (1964)  conducted  a  study  of  the  effects 
of  shape  and  volume  on  the  capacity  of  pile  models  in  sand.  They  also 
investigated  the  displacement  and  compaction  of  the  sand  around  these 
models.  As  Meyerhof  (1959)  had  stated  before,  the  action  of  driving 
the  pile  into  the  sand  creates  a  zone  of  compacted  sand  in  the 
vicinity  of  the  pile.  The  extent  of  this  compacted  zone  and  the 
behavior  of  the  soil  in  the  zone  are  affected  by  the  volume  and  shape 
of  the  pile  and  the  method  of  driving.  By  the  means  of  radiograph 
techniques,  they  found  that  each  of  their  model  test  piles  formed  a 
similarly  shaped  displacement  envelope  surrounding  the  pile.  The 
shape  was  that  of  an  elongated  bubble  that  extended  below  the  tip  in  a 
spherical  shape  and  up  to  the  ground  surface,  which  can  be 
approximated  by  a  vertical  cylinder  narrowing  as  it  approaches  the 
ground  surface  as  shown  in  Figure  34.  The  width  of  the  envelope  was 
found  to  be  dependent  on  the  diameter  of  the  pile,  increasing  with 
increasing  pile  diameter,  roughness  of  the  surface,  pile  taper,  and 
increasing  sand  density.  The  pile  capacity  for  each  of  the  sand 
densities  varies  directly  with  the  diameter  of  the  envelope, 
regardless  of  the  pile  diameter,  shape,  or  surface  roughness.  Both 
displacement  and  compaction  of  the  sand  were  evident  in  the  envelope, 
with  most  of  the  compaction  being  done  by  the  tip  as  it  was  driven 
into  the  soil.  No  shear  plane  failure  was  observed.  A  complex 
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Observed  Results: 


Estimated  Results:  - 


Figure  33.  Compaction  of  Sand  Near  Driven  Pile  (After  Moverhof  19S9) 


sequence  of  density  changes  was  discovered  from  the  sand  displacement 
beneath  and  around  the  tip.  Robinsky  and  Morrison  (1964)  described 
the  sequence  as  two  zones: 

(1)  A  zone  approximating  the  shape  of  a  cone  is  found 
beneath  the  pile  extending  downwards  and  outwards 
from  the  edge  of  the  pile  point.  This  appears  to 
be  the  main  compaction  zone.  Within  the  zone 
vertical  compression  and  two  directional  horizontal 
expansion  takes  place  accompanied  by  radial  downward 
translation. 

(2)  At  the  zone  limits  vertical  compression  ceases  and 
vertical  extension  begins  to  take  place.  It  is  found 
that  by  the  time  the  pile  has  passed  any  two  points, 
the  vertical  distance  between  them  becomes 
approximately  equal  to  the  vertical  distance  between 
them,  prior  to  pile  driving.  Also  horizontal  radial 
compression  and/or  tangential  expansion  accompanied 
by  additional  radial  downward  translation  occur. 

The  vertical  extension  is  caused  by  the  downward  move¬ 
ment  of  soil  below  the  point  away  from  the  previously 
compressed  soil  to  each  side  and  immediately  above  the 
pile  point. 


An  additional  vertical  expansion  was  measured  along  the  pile 
walls.  This  phenomenon  was  also  found  by  Vesic  (1967)  as  shown  in 
Figure  35.  This  is  attributed  to  the  down  drag  effect  of  the  pile 
wall  on  the  surrounding  sand  particles  as  the  pile  moves  downwards. 

The  down  drag  did  not  occur  uniformly  along  the  pile  shaft.  It  was 
less  pronounced  near  the  surface.  This  coincides  with  the  narrowing 
of  the  envelope  as  it  approaches  the  surface.  So  as  the  depth 
increased  the  vertical  downward  movement  increased.  The  most 
pronounced  vertical  movement  generally  occurred  about  a  fourth  of  a 
pile  diameter  from  the  wall.  This  resulted  in  an  increase  in  the  void 
ratio  of  the  sand  adjacent  to  the  pile  shaft.  This  creates  a  thin 
sleeve  or  cylinder  of  loose  sand  adjacent  to  the  pile  shaft  which  sets 
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up  ideal  conditions  for  arching.  The  cylinder  of  loose  sand  is 
surrounded  by  much  denser  sand  that  was  created  from  driving.  This  is 
denser  than  the  sand  in  its  in  situ  form.  The  shear  transfer  from  the 
pile  to  the  soil  is  thus  developed  through  arching  due  to  a  looser 
soil  directly  adjacent  to  the  pile  shaft  surrounded  by  a  much  denser 
sand.  The  arching  makes  it  impossible  to  determine  the  relationship 
between  the  lateral  earth  pressure  applied  on  the  shaft  and  the 
vertical  overburden  pressure,  making  it  is  impossible  to  predict  the 
actual  normal  earth  pressure  adjacent  to  the  pile  shaft.  Other 
observations  in  their  study  were  that  the  model  tests  showed  a  drop  of 
load  transfer  at  or  near  the  tip  regardless  of  the  depth  of  embedment 
of  the  piles.  The  load  transfer  along  the  pile  is  irregular  in  shape; 
this  is  attributed  to  the  buildup  and  breakdown  of  the  arching 
system.  The  lateral  earth  pressure  is  apparently  carried  by  the 
cylinder  of  dense  sand  surrounding  the  sleeve  of  the  loose  sand 
adjacent  to  the  pile  shaft. 

Kerisel  (1964)  found  from  his  laboratory  experiments  that  the 
tip  resistance  reaches  a  maximum  value  at  a  critical  depth  and  only 
increases  slightly  with  increased  depth.  He  attributed  its  occurrence 
to  the  bearing  capacity  factor,  N^,  being  a  complex  function  of  the 
angle  of  internal  frictional,  0,  depth  of  penetration  to  base  width 
ratio  at  the  tip,  D/B,  and  the  base  width,  B.  Vesic  (1968)  also  made 
a  similar  observation,  but  offered  another  explanation  for  its 
occurrence.  Vesic  first  considered  the  assumption  of  the  normal 
stress  used  to  compute  the  unit  tip  resistance  being  proportional  to 


the  overburden.  Under  this  assumption,  however,  a  limited  plastic 
zone  (shear  zone)  forms  beneath  the  pile  tip.  The  tip  resistance 
will  always  increase  as  the  overburden  pressure  increases,  if  the  soil 
properties  remain  constant  with  depth.  The  bearing  capacity  factor, 
Nq,  is  dependent  only  on  the  angle  of  internal  friction,  0.  As  the 
pile  is  loaded,  the  sand  will  undergo  physical  changes  from  the 
degradation  and  crushing  of  the  soil  grains.  The  angle  of  internal 
friction,  0,  of  this  newly  formed  material  will  remain  greater  than 
zero,  so  the  bearing  capacity  factor,  Nq,  will  be  greater  than  zero. 
Consequently,  the  tip  resistance  will  increase  with  continued 
increases  in  overburden  pressure.  Vesic  (1968)  concluded  that  the 
decrease  in  the  rate  of  change  of  tip  resistance  is  due  not  to  a 
decrease  in  but  rather  to  a  change  in  the  normal  pressure  at  the 
tip.  He  further  stated  that  the  in  situ  normal  pressure,  q^,  at  the 
tip  is  not  proportional  to  the  overburden  pressure  before  driving 
(Figure  36). 

To  state  that  the  theoretical  solutions  are  inadequate  or 
incorrect  may  be  premature.  In  the  formulation  of  the  different 
theories  for  bearing  capacity,  the  stress,  q^,  is  only  defined  as  the 
normal  stress  at  failure.  It  has  been  previously  assumed  that  the 
normal  stress  at  failure  was  proportional  to  the  overburden 
pressure.  This  was  not  stated  in  the  development  of  the  method  but 
rather  has  been  assumed  by  those  applying  the  method. 


Vesic  proposed  a  procedure  to  determine  the  Nq  value  from  pile 
tests  or  model  tests  that  would  be  independent  of  use  of  the  vertical 
overburden  pressure  as  the  normal  stress.  If  the  point  resistance  and 
side  resistance  are  assumed  to  increase  linearly  with  the  normal 
stress,  then  the  normal  stress  is  assumed  to  be  the  effective  normal 
stress  at  failure  acting  at  the  tip.  The  effective  normal  stress  for 
an  instrumented  pile  test  may  be  eliminated  from  the  determination  of 
Nq,  (Figure  36): 

%  =  <lfNq  <26> 

fo  *  qfKstan<$  (27) 

where  qQ  =  unit  tip  stress 

f  =  unit  shear  stress  of  the  shaft  of  the  pile 


Eliminating  qf. 


N  =  —■  K  tancS 
q  f  S 
O 
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where  I  and  qQ  can  be  obtained  from  the  pile  test. 


Ellison  (1969)  performed  an  analytical  study  using  finite 
elements  on  tests  performed  by  Vesic  on  large-scale  models.  Ellison 
found  that  the  dense  sand  behaved  as  an  incompressible  material,  as 
the  vertical  stress  increased  and  the  horizontal  stress  also  increased 
appreciably.  This  was  due  to  the  fact  that  the  horizontal  strains  are 
high,  which  results  in  the  small  volumetric  change  as  would  be  found 
in  an  incompressible  material.  The  higher  confining  pressures  and 
lower  deviatoric  stresses  resulted  in  a  higher  Young's  modulus  and 


yield  for  the  sand.  This  was  not  found  in  the  medium  or  loose 
sands.  A  plastic  zone  was  found  directly  beneath  the  tip.  The 


plastic  zone  for  dense  sands  is  larger  than  that  for  medium  sands. 

This  is  in  agreement  with  the  classical  plasticity  theories  which 
assume  the  size  of  the  plastic  zone  to  be  proportional  to  the  angle  of 
internal  friction. 

Ellison  (1969)  in  his  finite  element  studies  discovered  that 
tension  failure  zones  developed  at  the  tip  of  the  pile  in  the  sand. 

The  zones  in  the  dense  sand  extended  diagonally  from  the  edge  of  the 
pile  tip  down  and  outward  from  the  pile  (Figure  37). 

Similar  observations  were  made  by  Robinsky  and  Morrison  (1964) 
in  their  model  tests  (Figure  38).  This  indicates  that  arching  is  also 
occurring  at  the  pile  tip.  This  phenomenon  was  also  found  in  the 
medium  sand  but  to  a  lesser  extent  (Figure  37b).  A  tension  crack 
was  found  to  extend  from  the  edge  of  the  pile  horizontally  out 
(Figure  37  and  39).  The  length  of  that  tension  crack  was  dependent  on 
the  density  of  the  sand. 

Ellison  (1969)  was  unable  to  simulate  the  load-displacement 
relationships  found  in  Vesic's  models.  This  was  attributed  to  the 
horizontal  pressure  distribution  used  in  the  finite  element 
analysis.  The  distribution  was  linearly  increasing  with  depth  or 
proportional  to  the  overburden  pressure.  This  is  contrary  to  Vesic's 
explanation  for  the  behavior  of  his  piles  reported  in  his  study  and  to 
the  work  done  by  Robinsky  and  Morrison  (1964)  on  their  model  tests. 

The  finite  element  analysis  was  unable  to  model  the  loosening  of  the 
soil  adjacent  to  the  pile  that  resulted  in  the  arching  action. 

A  review  of  the  literature  reveals  that  the  arching  system 
established  along  the  shaft  from  driving  and  at  the  tip  due  to  tensile 


Figure  38.  Strain  Pattern  Around  Point  of  a  Deep  Foundation 
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Figure  39.  Tension  Crack  at  Tip  from  Finite  Element 
Analysis  (Ellison  1969) 


stress  is  the  most  important  phenomenon  affecting  the  behavior  of  a 
pile.  Until  a  procedure  to  determine  its  effects  is  found, 
theoretical  approaches  are  inadequate  for  estimating  pile  capacity. 

Summary 

Pile  foundations  have  been  utilized  in  the  construction  of 
facilities  for  thousands  of  years.  Yet  engineers  have  been  unable  to 
predict  the  capacity  of  piles  with  any  reliability.  New  analytical 
and  numerical  approaches  have  lessened  the  number  of  simplifying 
assumptions  in  the  analysis  of  the  pile-soil  system.  These  new 
approaches  give  the  displacement  compatibility  between  the  pile  shaft, 
the  pile  tip,  and  the  soil.  They  allow  the  engineer  to  develop  the 
load-displacement  response  of  the  pile-soil  system. 

A  review  of  the  literature  clearly  points  out  the  drastic 
changes  the  soil  undergoes  as  the  pile  is  driven  and  the  inadequacy  of 
designing  pile  foundations  based  totally  on  prior  soil  conditions. 

The  installation  of  piles  by  driving  causes  a  permanent  rearrangement 
of  the  sand  particles  in  the  vicinity  of  the  pile.  This  develops  a 
zone  of  compacted  sand  in  the  vicinity  of  the  pile.  As  the  pile  tip 
penetrates,  the  shaft  of  the  pile  causes  a  down  drag  on  the  surround¬ 
ing  sand  particles  that  results  in  a  vertical  displacement  of  the  sand 
particles.  The  sand  that  moves  vertically  loosens  and  creates  a  thin 
sleeve  or  cylinder  of  loose  sand  adjacent  to  the  pile  shaft  which  sets 
up  ideal  conditions  for  arching.  This  arching  system  reduces  the 
lateral  pressure  applied  to  the  pile  shaft,  thus  reducing  the  shear 


transfer  between  the  pile  and  soil.  The  arching  of  the  sand  in  the 
vicinity  of  the  pile  has  been  shown  by  a  number  of  investigations. 

The  arching  makes  it  impossible  to  determine  the  relationship  between 
the  lateral  earth  pressure  applied  to  the  shaft  and  the  vertical 
overburden  pressure.  Tensile  stresses  produced  at  the  tip  cause 
soil  arching  to  occur  which  leads  to  cracks  forming  horizontally  from 
the  tip.  The  normal  stress  at  the  tip  is  then  no  longer  dependent  on 
the  vertical  overburden  pressure. 

Based  on  these  observations,  a  highly  theoretical  approach  is 
unwarranted.  A  semi-empirical  or  empirical  correlation  to  actual 
field  pile  tests  will  yield  good  reliable  results  if  a  large  quantity 
of  high-quality  observations  can  be  obtained  for  a  data  base.  The 
next  chapter  will  examine  the  published  correlations  for  side  and  tip 
resistance  versus  pile  movement. 


s'  ■- 


CHAPTER  3:  LOAD-DEFORMATION  CRITERIA 


Review  of  Criteria 


The  lack  of  an  accepted  theoretical  approach  for  determining 
the  load-deformation  behavior  of  soil  has  required  foundation 
engineers  to  rely  on  semi-empirical  and  empirical  criteria  to  describe 
the  phenomenon  of  load  transfer  in  the  pile-soil  system.  This  type  of 
methodology  has  been  used  very  successfully  for  laterally  loaded 
piles.  The  criteria  are  generally  correlations  between  field  tests 
and  laboratory  test  data  and/or  in  situ  tests.  For  axially  loaded 
piles  in  sands,  four  different  criteria  were  found  in  a  review  of  the 
literature.  In  this  chapter  these  criteria  will  be  presented  and 
reviewed . 


Coyle-Sulaiman  Criteria 


Coyle  and  Sulaiman  (1967)  were  the  first  to  develop  criteria 
for  skin  friction  versus  pile  Movement  for  sands.  Their  approach  was 
to  relate  field  pile  test  data  to  model  tests  in  the  laboratory. 

Three  of  the  field  pile  tests  conducted  for  the  Arkansas  River  Lock 
and  Dam  No.  4  project  were  used  as  the  basis  of  their  correlation. 

From  the  report  by  Fruco  and  Associates  (1964),  they  reduced  the  load- 
distribution  curves  and  load-settlement  curves  tc  obtain  the  skin 
friction  versus  pile  movement  curves  (Figure  40).  They  pointed  ■  ■!• 
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that  for  their  initial  portions  the  curves  were  almost  linear,  and  the 
magnitude  of  the  maximum  shear  transfer  values  decreased  as  depth 
increased.  No  consideration  was  given  to  residual  stresses  in  the 
pile  as  a  result  of  driving  due  to  the  lack  of  information  on  how  to 
treat  these  stresses. 

They  normalized  these  curves  for  skin  friction  versus  pile 
movement  by  dividing  the  skin  friction  by  the  shear  strength,  s,  of 
the  sand  at  the  pile-soil  interface.  They  defined  the  shear  strength 
as 

S  =  ~5  tan  0  (29) 

n 

where 


a  -  the  effective  normal  stress 
n 

The  effective  normal  stress  at  a  given  depth  is 


a  -  KyD  (30) 

n 

where 


K  =  the  coefficient  of  lateral  earth  pressure 
yD  =  the  overburden  pressure 

The  coefficient  of  lateral  earth  pressure,  K,  was  assumed  to  be 
equal  to  1.0  and  constant  with  respect  to  depth.  The  normalized 
curves  are  shown  in  Figure  41. 

The  magnitude  of  the  curve  for  5  ft  is  out  of  line  with  all 
other  curves.  Coyle  and  Sulaiman  (1967)  attributed  the  increase  in 
the  curve  at  5  ft  to  the  assumption  of  K  *  1.  They  felt  that  this  may 
be  due  to  the  arching  in  the  sand.  These  conclusions  were  drawn  by 
Coyle  and  Sulaiman:  (1)  the  ratio  decreases  with  increasing  depth,  and 


(2)  the  ratio  reaches  a  limiting  value  at  approximately  0.5  for  the 


greatest  depths  (curve  B,  Figure  41).  This  is  not  supported  by  the 
data  plotted  in  Figure  41. 


The  model  tests  used  to  evaluate  the  pile-soil  interactions 
consisted  of  a  7-in.  long  steel  pile  embedded  in  a  saturated  sand  in  a 
triaxial  shear  device.  The  testing  program  was  composed  of  a  test  on 
soil  having  two  different  densities  which  were  controlled  by  the  void 
ratio.  The  confining  pressures  were  varied  to  simulate  the  overburden 
pressures  at  various  depths.  The  results  are  shown  in  Figure  42. 

These  were  normalized  by  the  same  procedure  as  the  field  tests 
(Figure  43).  Also  the  angle  of  wall  friction  was  evaluated  by 
dividing  the  skin  friction  by  the  confining  pressure  (Figure  44). 

The  skin  friction  versus  pile  movement  curves  for  the  model 
tests  (Figure  42)  do  not  exhibit  the  same  trend  of  decreasing 
resistance  with  increasing  depth.  Coyle  and  Sulaiman  (1967)  ascribed 
this  to  the  field  data  being  influence  1  by  the  load  capacity  in  the 
tip.  If  the  normalized  curves  for  th  model  tests  are  compared  to  the 
field  tests,  the  high  ratio  for  the  shallow  depth  in  the  field  curves 
is  out  of  line.  As  stated  earlier  by  Coyle  and  Sulaiman  (1967),  this 
is  probably  due  to  the  use  of  K  *  1.  They  felt  it  was  possible  to 
obtain  a  higher  K  value  due  to  denslf ication  of  driving  at  the 
surface.  This  assumption  was  based  on  the  fact  that  the  model  tests 
only  reached  a  confining  pressure  of  1.3  psi  compared  to  7  psi  at  the 
5-ft  mark  in  the  field  test  and  2  psi  at  the  15-ft  mark  in  the  field 
test  for  comparable  confining  pressures.  The  model  curves  (Figure  43) 
exhibit  the  same  trend  of  decreasing  ratio  with  increasing  depth  or 
confining  pressure.  In  Figure  43  a  limiting  value  of  approximately 
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Figure  43.  Ratio  of  Skin  Friction  to  Soil  Shear  Strength 
Versus  Pile  Movement  for  Laboratory  Tests, 
e  *  0.63  (Coyle  and  Sulaiman  1967) 


0.5  was  reached  at  a  confining  pressure  of  20  psi,  which  is  equivalent 
to  a  depth  of  25  ft  or  greater.  This  was  also  found  in  the  normalized 
field  curves. 

Coyle  and  Sulaiman  (1967)  used  an  analytical  procedure  similar 
to  the  one  described  previously  in  this  report  to  compute  a  load- 
settlement  curve  for  one  of  the  axially  loaded  piles  for  the  Arkansas 
River  site.  They  used  curve  A  from  Figure  41  for  0  to  20  ft  and  curve 
B  for  20  ft  and  greater  to  define  the  skin  friction  versus  pile 
movement. 

They  drew  the  following  conclusions  from  their  investigation: 

(1)  The  field  tests  indicated  that  the  skin  friction 
increases  approximately  linearly  until  pile  movement 
reaches  0.1  to  0.2  in. 

(2)  Skin  friction  decreases  with  increasing  depth. 

(3)  Skin  friction  increases  with  increasing  density 
(Figure  41). 

(4)  The  ratio  of  skin  friction  to  shear  strength  has  a 
lower  value  of  0.5. 

(5)  The  angle  of  wall  friction  decreases  with  increasing 
confining  pressure. 

Vijayvergiya  Criteria 

Vijayvergiya  (1977)  presented  a  paper  on  load-movement 
characteristics  of  piles  in  which  he  included  criteria  for  both  skin 
friction  versus  pile  movement  and  tip  load  versus  tip  movement.  These 
were  based  on  his  review  of  the  literature  and  his  personal 
experience.  When  examining  the  skin  friction,  tip  resistance,  and 
movement  required  to  develop  these,  he  found  that  the  skin  friction 
reaches  a  peak  value  at  a  small  movement  and  remains  constant  beyond 
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the  critical  displacement  but  that  the  tip  resistance  continues  to 
increase  although  at  a  decreasing  rate  (Figure  7).  The  gradual  tip 
resistance  is  the  reason  that  plunging  failure  is  not  found  during  a 


load  pile  test  in  sand.  He  proposed  criteria  that  exhibited  these 
trends. 


The  proposed  analytical  relationship  that  states  the  load 
transfer  or  unit  skin  friction  mobilized  at  a  given  pile  movement  can 
be  expressed  as  a  function  of  the  maximum  skin  friction  (Figure  45)  by 


f  -  f 


/.  /z  „  z  \ 
l  A  / —  -  B  — 1 
\  o\j  z  o  z  / 
\  >  c  c/ 


Ola) 


where 


unit  skin  friction  mobilized  along  the  pile  shaft 
segment  at  movement  z 


fmax  *  maximum  unit  skin  friction 


zc  -  the  critical  movement  of  the  pile  shaft  segment 
when  f  is  mobilized,  z  <  z  (inches) 


Vijayvergiya  (1977)  gave  the  values  of  AQ  and  BQ  as  2  and  1, 
respectively.  Substituting  these  values  for  AQ  and  BQ  gives 


f  =  f  (2  —  -  — 

max  l  -v  z  z 


(31b) 


In  his  review  of  the  literature  on  pile  tests  in  sands,  he  found 
that  the  maximum  displacement  required  to  reach  the  maximum  skin 


friction  was  independent  of  the  size  of  the  pile  if  the  pile  was 
greater  than  12  in.  in  diameter.  The  movement  to  reach  maximum 
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side  resistance,  fmav,  has  a  range  between  0.2  and  1.0  in.  (Table  1). 
The  value  of  maximum  side  resistance,  fffl  ,  for  the  proposed 
criteria  is  computed  from 


f  =  K  o  tan  6 
max  v 


where 


K.  =  coefficient  of  lateral  earth  pressure 


av  =*  effective  overburden  pressure 


6  *  angle  of  friction  between  soil  and  pile  surface 


K  in  the  above  equation  is  difficult  to  determine  accurately.  It  may 
range  from  an  active  K  in  loose  sands  to  a  passive  K  in  very  dense 
sands. 

Available  data  suggest  that  large  movements  are  required  to 
mobilize  the  maximum  tip  resistance.  The  critical  displacement,  zc, 
is  a  function  of  the  dimensions  of  the  pile  tip.  Table  1  presents 
variables  from  0.04  to  0.09  times  the  base  width.  The  mobilized  value 
of  q  at  given  tip  movement  z  can  be  obtained  from: 


(zc)  W3  V 


Reference 


Coyle  et  al.  (1973) 


Pile  Diameter 
in. 


Movement 
Required  to 
Mobilize 
tmax,  in. 


Movement 
Required  to 
Mobilize 
^max,  in 


where  qmax  =  maximum  tip  resistance 

z£  =  critical  displacement  corresponding  to  <lmax 

q  =  tip  resistance  mobilized  when  z  <  z 

c 

The  slightly  modified  curve  for  z  >  z^  is  shown  in  Figure  46.  The 

value  of  q  is  computed  as  in  the  static  formula: 
max 

q  =  o~  N  (34) 

Hmax  v  q  '  ' 

Parker  and  Reese  Criteria 


Parker  and  Reese  (1969)  proposed  a  third  method  based  on  the 
performance  of  laboratory  tests  on  two  90-in. -long  instrumented  piles 
with  2-in.  diameters.  These  piles  were  buried  in  a  homogeneous  sand 
under  controlled  conditions.  The  shear  transfer  performance  of  these 
tests  was  correlated  with  stress-strain  characteristics  from  triaxial 
tests  on  undisturbed  specimens  from  the  model  test  chamber. 

The  correlation  that  Parker  and  Reese  (1969)  obtained  between  the 


shear  transfer  and  the  deviatoric  stress  is 


U 


f  =  7^  Aa 
Lf 


(35) 


where  Uc  =  correlation  coefficient  for  compression  loading 
Cf  =  correction  factor  for  maximum  load  transferred 
A  a  -  deviatoric  stress 


f  “  shear  transfer  in  compression 


Correlation  coefficients  for  compression  loading  for  deviatoric  stress 
to  shear  stress  are: 


where 


N 

u  =  — r-9 — a — ~ 

C  tan  (45  +-=■)-! 


N  =  7.0  -  0.04X 
c 


(36) 


X  *  depth,  in. 

The  correction  factor  for  maximum  shear  transfer  is 


c  =  _  (D  )  +  87^5 

Cf  80  VV  4.0 


(37) 


where  DR  is  the  relative  density.  Pile  movement  correlations  to  axial 
strain  from  a  triaxial  test  are  determined  from: 


z  =  eRc  B  Cf  (38) 

where  e  *  axial  strain 

R£  *  correction  for  compression  loading 
B  *  pile  diameter  (in.) 
z  *  pile  movement  (in.) 

Correction  coefficients  for  compression  loading  for  axial  strain  to 
pile  movement  are 


Rc  =  0.4  +  0.016X 

where  X  is  depth  in  inches. 


(39) 


These  criteria  were  investigated  in  detail,  because  it  was 
believed  that  the  triaxial  test  data  could  be  used  to  develop  typical 
curves  for  the  Lower  Mississippi  Valley.  Idealized  triaxial  data 
information  was  developed  from  series  of  tests  performed  over  the 
years  by  the  Geotechnical  Laboratory,  WES.  The  stress-strain  curves 
from  a  triaxial  test  are  nonlinear  and  cannot  be  represented  by  a 
simple  modulus.  The  nonlinear  stress-strain  curves  can  be  represented 
by  a  hyperbolic  function  as  suggested  by  Konder  and  Zelasko  (1963) . 
They  suggested  a  procedure  to  approximate  the  stress-strain 
curves  (as  shown  in  Figure  47)  that  has  been  shown  to  be  reasonably 
accurate.  The  hyperbolic  representation  can  be  fulfilled  by 


where  a  and  a  =  the  major  and  minor  principal  effective  stresses, 

1  J  respectively 

e  *  the  axial  strain 

a  and  b  =  constants 

The  physical  meaning  of  the  constants  a  and  b  is  shown  in  Figure  47. 
They  can  be  determined  by  performing  an  axis  transformation  and 
plotting  axial  strain  divided  by  the  deviatoric  stress  versus  the 
actual  strain  (Figure  48).  The  constant  a  is  equal  to  the  intercept, 
and  b  is  equal  to  the  slope  of  a  straight  line  formed  by  the  plot: 


- - -  =  a  +  be 

°1  '  °3  (40a) 

Numerically,  a  is  the  reciprocal  of  the  initial  tangent  modulus,  and  _1_ 

b 


is  the  line  at  which  the  curve  becomes  asymptotic. 


a 


(40b) 


E. 

l 


b  = 


CT3)ult 


(40c) 


When  triaxial  test  data  are  plotted  in  this  fashion,  the 
compressive  strength  values  are  slightly  lower  than  the  asymptotic 
value,  (  -  a3)uit*  The  asymptotic  value  may  be  related 

to  the  compressive  strength  by  the  following  R^  factor: 


^ql  °3^ failure 
E  ^°1  a3^ultimate 


(41) 


is  always  less  than  1  and  has  a  range  from  between  0.75  to  0.9,  and 
it  is  independent  of  confining  pressure. 

Substituting  these  into  Equation  40  yields 

< °1  "  °3)  =  i - Sfe - 

Ei  +  (°1  ”  °3)  (41b) 

Sands  are  stress-dependent  which  means  that  the  compressive  strength 

and  the  initial  tangent  modulus  vary  with  confining  pressure.  Janbu 

(1963)  found  experimentally  that  the  initial  tangent  modulus  varied 

with  respect  to  confining  pressure  based  on  the  expression 


where 

E^  *  initial  tangent  modulus 
?a  =  atmospheric  pressure 
a ^  =  minor  principal  stress 


(42) 


a  modulus  number 


n  =  the  exponent  determining  the  rate  of  variation  of 
with 

where  and  n  are  dimensionless  numbers  that  are  determined  by 
plotting  versus  03  on  log-log  scale  and  fitting  a  straight  line  to 
the  points  (Figure  49). 

The  relationship  between  compressive  strength  at  failure  and 
confining  pressure  for  sands  assumes  constant  confining  pressure 
during  failure,  which  is 

(01  -  c3)f  =  (tan2  (45  +  f)  -  1)  o3  (43) 

Substituting  this  into  Equation  40  will  yield  the  following 
expression  for  nonlinear  stress-strain  curves  for  sand: 

(o  -  o  )  =  - - - - - 

1  Rfe _  (40d) 

(tan2  (45  +  y)-l)a3 

A  computer  program  was  written  to  generate  idealized  triaxial  stress- 
strain  curves  based  on  the  parameters  in  Table  2.  Examples  of  the 
resulting  idealized  triaxial  stress-strain  curves  are  shown  in  Figure 
50.  Figure  51  shows  curves  for  shear  transfer  versus  the 
dimensionless  coefficient,  C,  which  is  multiplied  times  the  pile 
diameter,  in  inches,  to  give  the  pile  movement  required  to  produce  the 
shear  transfer.  The  remaining  curves  are  presented  in  Appendix  A. 
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Parameters  for  Hyperbolic  Simulation  for  Sands 


Relative 

0 

Density 

Ki 

u> 

o 

o 

Loose  25% 

500 

33° 

Medium  50% 

1000 

36° 

Medium  85% 

1500 

n 

Rf 

Y 

0.5 

0.80 

56.5 

0.6 

0.85 

61.0 

0.65 

0.90 

67.5 

Other  Criteria 


Coyle  (1977)  presented  another  criteria  set  in  his  class  notes  on 
"Marine  Foundation  Engineering.”  For  Coyle's  (1977)  procedure,  the 
maximum  side  resistance  is  computed  by  the  same  method  as  Vijayvergiya 
(1979)  proposed,  but  it  has  a  different  displacement  function  (Figure 
52). 

Clisby  (1970)  proposed  another  procedure  for  determining  load- 
displacement  characteristics  of  axially  loaded  piles.  His  work  was 
founded  on  the  use  of  laboratory  test  data  to  determine  these 
characteristics,  direct  shear  tests  for  side  resistance,  and  triaxial 
tests  for  tip  capacity.  Obtaining  undisturbed  samples  in  sands  is 
expensive  and  seldom  accomplished.  For  this  reason,  relating  the  load 
displacement  characteristics  for  axially  loaded  piles  in  sands  to 
laboratory  tests  has  been  found  to  be  unfeasible.  In  his  later  work 
Clisby  (1972)  felt  that  the  Dutch  cone  penetrometer  could  be  used 
directly  to  obtain  the  shear  strength  parameters  of  the  sand.  The 


The  four  methods  (Coyle-Sulaiman' s,  Reese  and  Parker's, 


Vi jayvergiya' s,  and  Coyle's)  for  determining  load-displacement 


characteristics  for  pile-soil  interaction  have  a  number  of 


inadequacies  that  limit  their  usefulness.  In  Coyle  and  Sulaiman's 
investigation,  their  attempt  to  relate  model  tests  to  field 
performance  was  unsuccessful.  The  miniture  piles  did  not  show  the 
same  trends  as  the  field  tests.  The  field  tests  showed  side 
resistance  decreasing  with  increasing  depth,  while  the  laboratory 
tests  showed  increasing  side  resistance  with  increasing  confining 
pressure;  the  confining  pressure  is  comparable  to  an  increase  in  depth 
or  overburden  pressure.  They  attributed  this  to  the  influence  of  the 
tip  load  on  the  field  data.  The  literature  shows  no  evidence  to 
substantiate  this;  rather,  a  review  of  the  literature  suggests  that 
two  important  aspects  were  not  considered.  First,  residual  stresses 
as  a  result  of  driving  were  not  accounted  for,  as  stated  in  their 
report,  due  to  the  lack  of  knowledge  on  how  to  treat  them.  The 
residual  stresses  may  have  been  the  cause  of  the  unusually  high  values 
of  side  resistance  near  the  surface.  Second,  the  normal  stress  was 
assumed  to  be  proportional  to  the  overburden  pressure.  No 
consideration  was  given  to  the  arching  in  the  surrounding  soil  due  to 
driving.  Instead  of  arching,  they  felt  the  coefficient  of  lateral 
earth  pressure  and  the  angle  of  wall  friction  varied  with  depth. 

The  criteria  proposed  by  Vijayvergiya  (1977)  and  Coyle  (1977) 
have  the  same  limitations  as  does  the  static  formula.  The  engineer 
still  must  determine  a  coefficient  of  lateral  earth  pressure,  K,  and 
use  the  assumption  of  the  normal  stress  as  being  proportional  to  the 
overburden  pressure.  He  must  also  determine  a  bearing  capacity 
factor,  Nq,  by  some  method  and  again  use  the  normal  pressure  as  being 
proportional  to  the  overburden  stress. 


Parker  and  Reese's  (1969)  approach  was  thought  to  have  some 
promise  If  used  with  idealized  triaxial  test  data  for  typical  sands  of 
the  Lower  Mississippi  Valley.  A  detailed  study  of  this  procedure 
found  it  to  have  more  limitations  than  the  previous  methods. 

Developing  idealized  triaxial  test  data  presented  the  first  major 
problem  for  the  method.  Because  of  the  lack  of  consistency  of 
triaxial  test  data  for  the  Lower  Mississippi  Valley  and  the  large 
variations  in  the  data  that  was  found  in  the  literature,  using  values 
in  Table  2  for  a  preliminary  study  resulted  in  the  shear  transfer 
versus  pile  movements  curves  increasing  with  confining  pressure,  which 
is  equivalent  to  increasing  depth.  The  rate  was  far  greater  than 
field  evidence  substantiated.  For  this  reason,  the  procedure  was 
unacceptable  and  was  not  pursued  any  further. 

The  true  test  of  the  criteria  is  their  ability  to  predict  the  per 
formance  of  actual  field  pile  tests.  In  the  next  chapter,  the  three 
remaining  criteria  will  be  evaluated  against  14  field  pile  load  tests 
at  three  different  sites. 


CHAPTER  4:  EVALUATION  OF  PUBLISHED  CRITERIA 


The  true  test  of  the  criteria  is  to  compare  them  to  actual  field 
pile  tests.  As  late  as  the  1940's,  Terzaghi  and  Peck  (1967)  stated 
that  the  only  method  available  to  the  foundation  engineer  to  determine 
the  friction  capacity  of  a  pile  was  the  field  pile  load  test.  The 
field  pile  load  test  has  been  and  still  is  the  principal  source  of 
information  for  the  design  of  large-scale  pile  foundations.  For 
criteria  to  be  reliable,  they  must  compare  favorably  to  results  of 
field  pile  tests. 

Only  instrumented  field  pile  tests  were  chosen  because  they  can 
provide  the  necessary  pile-soil  interaction  information  required  for  a 
comparison  of  the  criteria.  The  field  pile  load  tests  that  were 
investigated  are: 

(1)  Arkansas  River  Lock  and  Dam  No.  4  (6  tests). 

(2)  Ascalmore  Creek-Tippo  Bayou  Control  Structure  (2  tests). 

(3)  Red  River  Lock  and  Dam  No.  1  (6  tests). 

Arkansas  River  Lock  and  Dam  No.  4  Pile  Tests 

The  pile  tests  were  conducted  at  a  site  near  Lock  and  Dam  No.  4 
on  the  Arkansas  River  below  Pine  Bluff,  Arkansas.  The  site  is  located 
l  mile  downstream  of  the  Bob  Roger  Bridge  on  the  St.  Louis  and 
Southwestern  railroad  and  about  500  ft  east  of  the  bank  of  the 
Arkansas  River.  The  pile  tests  were  conducted  as  part  of  a 
comprehensive  study  to  develop  information  regarding  the 


characteristics  of  different  types  of  piles  driven  into  alluvial  sands 
of  the  Lower  Arkansas  River  Valley. 

The  typical  soil  profile  in  the  Lower  Arkansas  River  Valley 
consists  of  alluvial  deposit  strata  of  loose  surface  silts,  sandy 
silts,  and  clays  of  variable  thickness.  This  is  underlain  by  a 
stratum  of  medium  to  dense  sand  and  silty  sand  with  a  thickness 
ranging  from  90  to  150  ft  which  overlies  a  stratum  of  deeply  bedded 
tertiary  clays.  These  conditions  are  very  similar  to  the  Lower 
Mississippi  Valley. 

Borings  indicated  that  the  soil  profile  at  the  site  of  the  test 
consisted  of  three  major  soil  strata:  a  surface  blanket  of  silt  and 
fine  sands  which  extended  from  the  ground  surface  at  el  198  to  185*,  a 
deep  stratum  of  relatively  dense  medium  to  fine  sand  which  extended  to 
about  el  92,  and  a  base  of  tertiary  clay  of  undetermined  thickness. 
Some  thin  seams  of  silt  and  clay  were  present  in  the  deep  stratum 
between  el  160  and  137.  Two  series  of  borings  were  made  at  the  test 
site  to  determine  the  subsurface  conditions  prior  to  testing.  The 
standard  penetration  resistance  of  the  upper  60  ft  of  the  deep  sand 
stratum  into  which  the  piles  were  driven  showed  a  general  increase 
with  depth,  varying  from  11  to  50  blows  per  feet  (Appendix  B,  Figure 
Bl).  The  average  dry  density  ranged  from  90  to  109  pcf  but  showed  no 
significant  trends  with  depth.  Another  series  of  test  borings  was 
made  to  determine  the  effects  of  the  excavation  of  20  ft  on  the 
relative  density  of  the  subgrade. 

*Elevations  (el)  are  in  feet  referenced  to  mean  sea  level. 


As  mentioned  above,  after  the  excavation  of  20  ft,  the  standard 
penetration  results  decreased  by  approximately  15  percent  with  no 
measurable  change  in  relative  density.  A  series  of  borings  was  made 
after  the  pile  driving  to  determine  the  effect  of  driving  on  the 
relative  density.  No  significant  changes  were  found.  Laboratory 
tests  performed  on  samples  from  the  deep  sand  stratum  consisted  of 
mechanical  analysis  and  several  direct  shear  tests  to  determine  the 
sliding  friction  between  pile  material  and  foundation  sand.  The  soil 
was  classified  as  being  medium  to  dense  sand  and  silty  sand  (SM-SP) 
with  a  submerged  unit  weight  equal  to  62.8  pcf.  The  angle  of  wall 
friction  between  the  steel  ranged  from  23  to  30  degrees,  the  angle  of 
wall  friction  for  mortar  ranged  from  28  to  36  degrees,  and  the  angle 
of  internal  friction  ranged  from  31  to  35  degrees.  Figure  B1  shows 
the  profile  assumed  for  the  evaluation  of  load  test  data. 

Load  tests  were  performed  on  prestressed  concrete  piles,  steel 
pipe  piles,  steel  H  piles,  and  timber  piles.  Steel  pipe  piles  and 
steel  H  piles  were  instrumented  to  develop  a  comparison  between 
displacement  and  nondisplacement  piles.  Strain  gages  were  attached  to 
determine  the  distribution  of  load  in  the  piles.  Two  types  of  strain 
gages  were  used:  steel  strain  rods,  and  electric-resistance  strain 
gages.  On  selected  piles,  both  types  of  strain  gages  were  used  to 
enable  a  comparison.  Table  3  lists  the  piles  that  were  selected  for 
this  study  and  their  properties.  The  results  of  the  load  tests  on 
these  piles  are  shown  in  Figures  B2-B9. 

The  field  data  were  analyzed  as  outlined  previously  in  this 
report  and  yielded  side  resistance  versus  pile  movement  curves  (f-z) 


Test 

Pile 

Pile  Type  & 
Nominal  Size 

Cross  Sectional 
Area  A 
in2 

Modulus  of 
Elasticity  E 
106  psi 

Penetration 

ft 

1 

12.75”  OD  pipe 
(0.33”  wall) 

17.12 

29.0 

53.1* 

2 

16”  OD  pipe 
(0.312”  wall) 

23.86 

29.0 

52.8* 

3 

20"  OD  pipe 
(0.375”  wall) 

27.36 

29.0 

53.0* 

6 

14HP73 

25.70 

29.0 

40. 

7 

14HP73 

29.33 

29.0 

52.1* 

9 

14HP73 

26.28 

29.0 

53.2* 

10 

16”  OD  pipe 
(0.312”  wall) 

23.86 

29.0 

53.1* 

as  shown  in  Figures  B10-B17.  The  tip  load  versus  pile  movement  curves 
(P-z)  are  shown  in  Figures  B18  and  B19.  The  f-z  curves  for  test  piles 
6,  7,  9,  10  show  that  these  piles  never  were  loaded  to  their  full 
capacity.  The  field  data  did  not  include  the  necessary 
information  to  perform  a  rigorous  analysis  of  the  residual  stresses. 


Ascalmore  Creek-Tippo  Bayou  Control  Structure  Pile  Tests 


The  Ascalmore  Creek-Tippo  Bayou  Control  Structure  is  located 
approximately  3.4  miles  northeast  of  Philipp,  Mississippi,  between  a 
Tallahatchie  County  road  and  the  Tallahatchie  River  at  Mile  207.7. 

The  control  structure  is  for  the  diversion  of  flow  into  the 
Tallahatchie  River  from  the  major  drainage  outlet  of  the  Ascalmore 
Creek-Tippo  Bayou  watershed  which  is  part  of  the  Yazoo  Basin  of  the 
Mississippi  Delta  Basin.  The  control  structure  consists  basically 
of  three  reinforced  concrete  U-frame  structures  founded  on  piles.  The 
estimated  number  of  piles  was  390  with  an  estimated  total  length  of 
30,900  linear  ft. 

Ascalmore  Creek-Tippo  Bayou  is  located  in  the  Yazoo  River  Basin, 
a  physiographic  subprovince  of  the  Lower  Mississippi  Valley  which  is 
part  of  the  Central  Gulf  Coastal  Plain.  The  area  was  formally  an 
active  meander  belt  of  the  ancient  Mississippi  and  Ohio  Rivers.  It  is 
characterized  by  low-relief  floodplains  and  meandering  belts  of 
topography.  The  area  is  covered  by  a  band  of  relief  alluvial  fan 
material  which  is  deposited  from  the  loess  hills  to  the  east.  The 
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Yazoo  Basin  segment  of  the  Mississippi  Alluvial  Valley  consists  of 
fine-  to  coarse-grained  alluvial  sediments  over  tertiary  stiff  to  hard 
clays  or  fine-  to  medium-grained  dense  sands.  The  alluvial  sediments 
can  be  divided  into  two  distinct  units,  top  stratum  and  substratum. 

The  top  stratum  is  distinguished  by  fine-grained  clays  and  silts  and 
silty  fine-grained  sands.  The  substratum  deposits  are  generally  fine- 
to  medium-grained  lignite  sands  that  grade  downward  into  coarser  sands 
and  gravels. 

The  control  structure  is  located  in  an  abandoned  channel 
deposit.  The  top  stratum  consists  of  predominantly  thick  inorganic 
clay  of  high  plasticity  having  a  thickness  of  approximately  55  ft.  A 
large  portion  of  this  top  stratum  will  be  excavated  for  the  control 
structure,  leaving  a  minimum  of  20  ft  ranging  up  to  a  maximum  of  35  fc 
of  top  stratum.  After  excavation,  the  material  left  in  the  top 
stratum  consisted  of  approximately  7  ft  of  inorganic  clay  with  low 
plasticity,  9  ft  of  silty  material  having  a  low  plasticity,  and  2  ft 
of  silty  sand.  The  alluvial  substratum  consists  of  20  ft  of  poorly 
graded  sand,  lignite,  and  gravel  which  is  resting  on  tertiary  deposits 
consisting  of  11  ft  of  silty  sand;  1  ft  of  high-plasticity  inorganic 
clay;  and  1  ft  of  sand  gravel.  Four  undisturbed  sample  borings  were 
made  along  the  centerline  of  the  structure  and  were  drilled  to  the 
tertiary  clay.  One  of  the  borings  was  continuously  sampled  throughout 
the  entire  length  of  the  clay.  A  split  spoon  sampler  was  used  in  the 
substratum  to  obtain  the  blow  count  data.  No  laboratory  tests  were 
conducted  on  the  sands  of  the  substratum  to  determine  strength 
properties.  All  strength  properties  were  based  on  blow  counts  and 
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experience  In  the  area.  The  stratification  of  the  profile  and  results 
of  the  standard  penetration  tests  are  shown  in  Figures  B20  and  B21. 

The  pile  testing  was  conducted  by  the  F&M  Branch  of  the  Corps  of 
Engineer's  Vicksburg  District  after  excavation  for  the  foundation  was 
completed.  Two  HP  14  by  89  steel  H  piles,  one  100  ft  long  and  the 
other  90  ft  long,  were  tested  at  the  site.  Test  pile  No.  1  was  driven 
at  the  approximate  location  of  the  chamber  monolith,  and  test  pile  No. 
2  at  the  spillway  basin  monolith.  Cyclic  compression  loading  tests 
were  conducted  on  both  piles,  and  a  cyclic  tension  loading  test  was 
run  on  pile  No.  1.  For  the  tests  the  piles  were  spliced,  and  strain 
gages  and  lead  hangers  were  installed.  The  strain  gages  located  as 
shown  in  Figures  B20  and  B21  were  used  to  provide  elastic  compression 
data  along  the  pile.  Extensometers  were  employed  to  measure  pile  head 
movement.  The  pile  tip  movements  were  monitored  by  a  piano  wire 
strung  inside  a  channel  from  the  tip  of  the  pile  to  a  pulley  near  the 
pile  head.  Observations  were  made  from  a  reference  point  on  the  piano 
wire  and  a  fixed  scale.  The  estimated  pile  capacities  from  the  static 
formula  were  300  tons  in  compression  and  50  tons  in  tension  for  the 
tests.  Pile  No.  1  and  pile  No.  2  both  had  approximately  280  tons  of 
compression  applied  before  failure.  A  cyclic  test  was  conducted  by 
loading  in  increments  of  25  tons  for  two  increments  and  then  unloading 
to  0.  For  the  next  cycle,  the  pile  was  reloaded  to  the  same  level  as 
the  last  load  of  the  previous  cycle  and  two  more  increments  of  25  tons 
were  applied.  The  cyclic  loading  was  continued  until  failure. 
Measurements  of  strain  and  of  head  and  tip  movements  were  made  at  each 
increment  and  at  zero  butt  loading.  The  rate  of  load  during  the  tests 


was  2  tons  per  minute.  Each  increment  was  held  constant  for  an  hour 
or  until  the  pile  head  movement  was  less  than  0.01  in. /hr.  The 
results  from  the  tests  are  presented  in  Figures  B22-B27 .  The  test 
data  were  reduced  by  the  method  described  previously  in  this  report. 

Figures  B28  and  B29  present  the  unadjusted  side  resistance  versus 
pile  movement  (f-z)  curves  for  the  two  pile  tests.  Figure  B30  shows 
the  unadjusted  tip  load  versus  tip  movement  (q-z)  curves  of  the  two 
tests. 

Figures  53  and  54  show  the  load  distribution  in  the  piles  tested. 
The  loads  measured  in  the  top  section  of  the  piles  for  the  last  three 
applied  loads  are  greater  than  the  applied  loads.  This  is  due  to 
residual  loads  in  the  piles.  The  first  evidence  of  these  residual 
loads  was  found  in  a  review  of  the  load  distribution  in  the  piles  at 
zero  butt  load.  After  the  last  loading  cycle  was  released,  the  loads 
measured  in  the  piles  were  approximately  equal  to  excess  loads  in  them 
during  the  last  loading  increment.  These  misleading  readings  are  due 
to  zeroing  the  strain  gages  after  driving.  The  residual  loads  were 
adjusted  as  described  earlier  in  this  report.  The  new  load 
distribution  curves  are  shown  in  Figures  B31  and  B32,  and  the 
resulting  f-z  curves  and  q-z  curves  for  the  sands  are  presented  in 
Figures  B33,  B34,  and  B35,  respectively. 


Red  River  Lock  and  Dam  No.  1  Pile  Tests 


upstream  from  the  confluence  of  the  Red  and  Black  Rivers.  The  lock 
structure  is  founded  on  soil,  while  the  dam  is  placed  on  H  piles.  The 
lock  and  dam  is  located  within  the  Gulf  Coastal  Plain  Province  near 
the  western  edge  of  the  Mississippi  River  floodplain.  The  area  is 
characterized  by  natural  levees,  backswamps,  oxbow  lakes,  and  the 
bridge  and  topography  of  meander  scars.  The  sedimentary  history  is  of 
the  Pleistocene  Epoch.  Deposits  of  sand  and  gravel  were  laid  down  as 
the  sea  rose  to  it  present  level  about  5000  years  ago.  The 
Mississippi  River  and  its  tributaries  gave  way  to  a  meandering 
pattern.  The  sediments  laid  down  during  meandering  are  silts  and 
clays . 

The  soil  conditions  under  the  dam  consist  of  a  layer  of  medium  to 
stiff  Holocene  backswamp  clays  from  the  ground  surface  at  el  28  to  the 
top  of  the  substratum  of  sands  between  el  -50  and  -70.  The  bottom  of 
the  substratum  sand  layer  extends  below  el  -140.  The  excavation  for 
the  dam  foundation  extends  to  approximately  el  -22.  Figures  B36-B39 
show  the  stratification  and  SPT  results  for  the  test  site. 

A  number  of  pile  tests  were  performed  at  the  site  on  H  piles  and 
prestressed  concrete  piles.  Six  different  H  piles  were  instrumented 
with  strain  rods.  The  tests  were  conducted  after  excavating 
approximately  50  ft  of  overburden  material.  Two  sites  were  chosen  for 
the  tests.  At  site  PT-A  four  piles  were  tested,  and  at  site  PT-S  two 
piles  were  tested.  Three  of  these  piles  were  retested,  one  at  site 
PT-S  and  two  at  site  PT-A.  The  piles  were  driven  through 
approximately  48  to  50  ft  of  clay  and  silt  into  a  substratum  of  sand 
at  site  PT-A.  The  substratum  was  composed  of  find  sands  and  silty 


sands.  At  the  second  site,  PT-S,  the  piles  were  driven  through 
approximately  25  ft  of  clay  into  the  substratum  of  sand.  This 
substratum  was  composed  of  fine,  medium,  and  coarse  sands.  The  range 
of  penetration  into  the  sand  for  the  piles  at  PT-A  was  between  10  and 
30  ft  and  at  site  PT-S  between  58  and  78  ft.  Borings  were  made  at  or 
near  the  test  piles.  SPT  results  were  taken  from  the  nearest  boring 
to  determine  the  strength  of  the  substratum  sand.  The  piles  were 
driven  using  a  vibratory  hammer.  In  analyzing  the  field  data,  two  of 
the  pile  tests  showed  instrumentation  error  and  were  not  used  in  this 
study.  The  results  of  the  load  tests  are  shown  in  Figures  B40-B53. 

The  f-z  curves  for  the  sands  are  presented  in  Figures  B54-B60.  Since 
the  vibratory  hammer  places  residual  loads  in  the  piles  as  does  an 
impact  hammer,  the  piles  tested  were  adjusted  for  residual  loads. 
Resulting  load  distributions  are  presented  in  Figures  B61-B67,  and  f-z 
curves  from  the  adjusted  distributions  are  shown  in  Figures  B68-B74. 

In  the  retested  piles,  the  capacity  was  substantially 
increased.  This  was  attributed  mainly  to  the  increased  tip  resistance 
in  the  retested  piles  which  can  be  seen  in  Figures  55-58.  One 
explanation  from  these  results  is  that  the  vibratory  hammer  does  not 
compact  the  soil  under  the  tip  to  the  same  degree  as  an  impact  hammer, 
thus  resulting  in  less  capacity.  The  increase  in  capacity  for  the 
retested  piles  would  be  due  to  the  compaction  and  densif ication  of  the 
soil  under  the  tip  from  the  first  tests  on  the  piles.  The  higher  skin 
friction  from  the  unadjusted  tests  can  be  attributed  to  residual 
stresses  from  the  first  tests.  Another  possible  explanation  is  that 
the  vibratory  hammer  induces  high  pore  water  pressures  in  the  soil 


which  reduces  the  effective  stress  and  shear  strength  of  the  sand. 


Comparison  of  Criteria  with  Field  Test  Results 

The  first  step  in  conducting  a  comparison  of  the  available 
criteria  to  field  pile  test  results  is  to  determine  the  shear  strength 
of  the  sand  at  each  site.  The  shear  strength  parameters  were  based  on 
standard  penetration  tests  (SPT)  performed  at  the  sites. 

The  SPT  results  were  corrected  as  shown  previously  in  this  report. 

The  soil  description,  N  values,  angle  of  internal  friction,  and 
overburden  pressure  for  the  pile  tests  used  in  this  study  are 
presented  in  Table  4. 

The  comparison  performed  consisted  of  comparing  field  f-z  curves 
with  computed  f-z  curves  based  on  the  criteria  presented  by  Coyle  and 
Sulaiman  (1967),  C-S,  Vijayvergiya  (1977),  V,  and  Coyle  (1977),  C, 
referred  to  previously.  The  displacement  functions  are  shown  in 
Figures  59,  60,  and  61,  respectively. 

The  shear  strength  used  in  the  Coyle-Sulaiman  (1967)  criteria  was 
determined  from 

S  =  a  tan  0'  (44) 

n 

where  ~o  -  effective  normal  stress 
n 

0'  *  effective  angle  of  internal  friction 

The  maximum  side  resistance  for  the  Vijayergiya  (1977)  and  Coyle 
(1970)  criteria  was  determined  from 


Table  4 


Soli  Properties 


Test  Site 


Substratum 
Soli  Description 


Ascalmore 

Fine  to  medium  sand 

//I 

43.0-53.0 

1.6 

44 

20 

33 

Creek-Tippo 

(SP)  w/ some  Silty 

53.0-63.0 

1.9 

48 

20 

33 

Bayou 

sand  (SM) 

63.0-73.0 

2.3 

48 

19 

32 

73.0-83.0 

2.7 

95 

21 

34 

n 

20.0-30.0 

.67 

42 

21 

33 

30.0-40.0 

.93 

42 

20 

33 

40.0-50.0 

1.2 

67 

24 

36 

50.0-60.0 

1.6 

55 

19 

33 

60.0-70.0 

1.9 

34 

13 

30 

70.0-80.0 

2.2 

80 

25 

35 

80.0-90.0 

2.5 

77 

22 

34 

Arkansas 

Fine  silty  sand 

All 

0-15 

.24 

30 

23 

34 

River 

(SP-SM)  to  medium 

Tests 

15-25 

.63 

33 

23 

34 

sand  (SP) 

25-33 

.91 

30 

19 

32 

33-40 

1.15 

34 

21 

33 

40-47 

1.37 

36 

20 

33 

47-53 

1.57 

43 

23 

33 

Red  River 

Find  sand  (SP)  and 

PT-A 

34.0-50.2 

.91 

40 

20 

32 

silty  sand  w/clay 
strata  (SM) 

-1C 

50.2-58.2 

1.27 

44 

20 

32 

3C,2C 

32.9-54.1 

.96 

44 

20 

32 

54.1-67.1 

1.45 

53 

21 

33 

PT-S 

39.7-69.0 

1.39 

30 

19 

32 

-1C 

69.0-84.2 

2.03 

65 

20 

32 

L3 


where  K  *  coefficient  of  lateral  earth  pressure 

tan <5  *  coefficient  of  friction  between  the  pile  and  soil 

A  value  of  1  was  used  for  the  coefficient  of  lateral  earth  pressure, 

K,  in  the  comparison.  Complete  results  of  the  comparison  are 
presented  in  Appendix  C.  On  the  field  f-z  curves,  the  symbols 
indicate  the  measured  values;  the  computed  f-z  curves  are  plotted  as 
smooth  curves.  In  the  next  section,  the  results  of  this  comparison 
will  be  used  to  evaluate  these  criteria. 

Evaluation  of  Criteria 

In  evaluating  the  three  criteria,  two  characteristics  were 
observed:  the  magnitude  of  the  maximum  side  resistance,  f  „  ,  and  the 

shape  of  the  f-z  curves  with  respect  to  the  shape  of  the  field 
curves.  The  magnitudes  of  the  side  resistance  for  the  V  and  C 
criteria  were  calculated  by  a  simple  procedure;  they  will  be  examined 
first.  At  the  Arkansas  River  site,  the  two  criteria  grossly 
underestimated  the  maximum  side  resistance  in  the  upper  portion  of  the 
pile  while  overestimating  it  in  the  lower  portion.  An  example  of  this 
is  shown  in  Figure  62.  For  the  Ascalmore-Tippo  tests,  the  V  and  C 
criteria  produced  a  maximum  side  resistance  that  was  close  to  the 
field  curves  for  the  midsection  (30  to  60  ft  from  the  ground  surface) 


Unadjusted  f-z  curves  Coyle-  Sulaiman  Criteria 


Figure  62.  Comparison  of  f-z  Criteria  to  Unadjusted  Field  Curves,  Arkansas  River,  Test 
Pile  No.  2 


of  the  pile,  but  for  the  lower  section  they  produced  a  side  resistance 
more  than  twice  the  reported  field  maximum.  An  example  demonstrating 
this  is  shown  Figure  63.  In  the  Red  River  tests,  the  V  and  C 
criteria  produced  maximum  side  resistance  values  that  compared  more 
closely  with  the  field  curves  except  at  depths  greater  than  50  ft 
from  the  surface,  examples  of  which  are  shown  in  Figures  64-67.  At 
depths  greater  than  50  ft,  the  V  and  C  criteria  grossly  overestimated 
maximum  side  resistance.  The  overestimations  by  the  two  criteria  are 
due  to  linear  dependence  of  side  resistance  on  the  overburden 
pressure . 

The  C-S  criteria  give  better  correlation  with  the  field  curves 
for  the  lower  portion  (40  to  80  ft  below  the  surface)  of  the  piles  in 
the  deep  substratums  of  sand,  but  for  depths  10  to  30  ft  below  the 
surface,  the  C-S  criteria  underestimated  the  side  resistance. 

Examples  of  this  are  shown  in  Figure  62  for  the  Arkansas  River  tests, 
Figure  63  for  the  Ascalraore  Creek-Tippo  Bayou  tests,  and  Figures  68 
and  69  for  the  Red  River  tests.  As  with  the  other  criteria,  the  C-S 
are  linearly  dependent  on  the  overburden  pressure.  It  can  be  seen 
from  the  field  curves  and  from  the  review  of  the  literature  that  the 
side  resistance  is  not  linearly  dependent  and  may  even  be  independent 
of  overburden  pressure. 

For  the  second  characteristic,  shape,  the  C-S  criteria  yielded 

the  poorest  result.  The  curves  have  a  linearly  increasing  portion  and 

a  horizontal  straight  line  at  maximum  side  resistance,  f  which 

max 

causes  them  to  be  the  least  representative  of  the  three  criteria.  The 
initial  portion  of  curves  produced  by  the  V  criteria  are  much  steeper 
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65.  Comparison  of  f-z  Criteria  to  Unadjusted 
Field  Curves,  Red  River,  Test  Pile 
No.  PT-A-1C ,  Coyle  Criteria 
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Figure  66.  Comparison’  of  f-z  Criteria  to  Unadj-usted 
Field  Curves,  Red  River,  Test  Pile  No. 
PT-S-1C,  Vijayvergiya  Criteria 
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Figure  67.  Comparison  of  f-z  Criteria  to  Unadjusted 
Field  Curves,  Red  River,  Test  Pile  No. 
PT-S-1C,  Coyle  Criteria 
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Figure  69.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C 
Coyle-Sulaiman  Criteria 


than  the  field  curves  causing  the  curve  to  level  off  at  lesser  pile 
movement.  The  C  criteria  give  the  best  match  to  the  shape  of  the 
field  curve,  but  the  initial  portion  was  steeper  than  the  field 
curves.  The  initial  slope  of  the  field  curves  seems  to  be  dependent 
on  the  densities  of  the  sand  and  may  depend  on  whether  the  pile  was  a 
displacement  or  nondisplacement  pile.  This  dependence  on  pile  type 
was  seen  in  the  Arkansas  River  tests  where  pipe  piles  and  H  piles  were 
tested.  It  will  be  investigated  in  the  next  chapter. 


The  three  criteria  for  determining  side  resistance  versus  pile 
movement  investigated  in  this  chapter  have  demonstrated  a  lack  of 
agreement  with  field  results  in  several  ways.  First,  and  most 
important,  is  their  inability  to  predict  the  magnitude  of  the  maximum 
side  resistance,  f  x.  These  criteria  give  acceptable  values  for 
depths  of  penetration  in  the  range  30  to  50  ft,  but  show  no  consistent 
trend  for  the  shallower  or  deeper  depths  of  penetration.  The  lack  of 
consistency  severely  limits  the  reliability  of  the  criteria  for 
estimating  the  pile  capacity.  Second,  the  shape  of  the  curves 
produced  by  these  criteria  does  not  accurately  simulate  the  field 
curves  in  this  study.  The  curves  produced  by  these  criteria  have  a 
steeper  initial  slope  which  results  in  them  reaching  the  maximum  side 
resistance  with  smaller  pile  movement,  resulting  in  the  computed  pile 
head  movements  being  less  than  the  actual  field  movements  for  the  same 


loads 


From  this  study,  it  is  obvious  that  these  criteria  are 
insufficient  for  establishing  a  design  procedure.  Any  estimation  of 
pile  capacity  from  the  use  of  these  criteria  would  be  suspect  because 
of  poor  performance  compared  to  actual  field  tests.  In  the  next 
chapter,  the  work  by  Castello  (1980)  for  estimating  maximum  side 
and  tip  resistance  will  be  utilized  to  develop  new  criteria.  A 
displacement  function  will  be  established  based  on  the  data  from  these 


field  tests 


CHAPTER  5:  PROPOSED  CRITERIA 


Castello  (1980)  recently  published  a  paper  on  the  bearing 
capacity  of  driven  piles  in  sand.  He  Investigated  34  pile  load  tests 
to  determine  the  pile  geometry  and  soil  parameters  that  most 
significantly  affect  the  tip  and  side  resistance  of  driven  piles. 
These  field  pile  tests  were  adjusted  for  residual  stresses  to 
determine  that  effect  on  the  results.  Tip  and  side  resistance, 
bearing  capacity  factors,  and  the  coefficients  of  lateral  earth 
pressure,  were  computed  from  the  34  field  pile  tests.  These  factors 
were  correlated  with  the  most  significant  pile  and  soil  parameters. 

In  the  static  formula  for  axially  loaded  piles  in  sands,  the 
primary  parameter  is  the  angle  of  Internal  friction.  Castello  (1980) 
felt  that  other  parameters  such  as  pile  size  and  shape,  depth  of 
penetration,  and  relative  density  of  the  sands  would  also  influence 
the  capacity  of  piles.  He  investigated  these  parameters  and  their 
influence  on  a  number  of  instrumented  pile  tests.  From  these  tests, 
the  unit  skin  friction  and  unit  tip  resistance  were  evaluated  to 
determine  their  relationship  to  these  pile  and  soil  parameters. 

The  depth  of  penetration  to  diameter  ratio  was  found  to  have  a 
significant  influence  along  with  the  angle  of  internal  friction  and 
the  relative  density  of  the  sand.  Castello  (1980)  developed  curves 
for  tip  and  side  resistance,  bearing  capacity  factor,  N^,  and  the 
coefficient  of  lateral  earth  pressure,  K,  versus  depth  of  penetration 
to  diameter  ratio  for  different  relative  densities  which  were 


distinguished  by  angle  of  internal  friction  (Figures  70-73).  The 
bearing  capacity  factors  and  the  coefficients  of  lateral  earth 
pressure  have  little  meaning,  as  explained  in  previous  discussions  in 
this  paper,  due  to  the  normal  stress  computations  used  in  Castello's 
study.  The  normal  stress  was  taken  as  being  proportional  to  the 
overburden  pressure.  The  curves  for  tip  and  side  resistance  are 
felt  to  be  the  most  meaningful  representation  of  the  information. 

These  curves  are  based  on  pile  tests  that  were  adjusted  for  residual 
stresses. 

The  ultimate  tip  and  side  resistance  curves  developed  by  Castello 
(1980)  coupled  with  a  displacement  function  will  become  the  focus  for 
the  development  of  load-displacement  criteria  for  axially  loaded  piles 
in  sands.  The  displacement  function  will  be  developed  from 
correlations  with  the  field  curves.  This  approach  follows  the  same 
methodology  as  Castello  followed  with  his  development  of  ultimate  tip 
and  side  resistance.  The  field  pile  tests  that  were  used  in  the 


evaluation  of  the  criteria  in  the  previous  chapter  will  be  used  in  the 
development  of  the  displacement  function. 

Displacement  Function  for  Side  Resistance 

The  stress-strain  behavior  of  sands  can  often  be  described  by  a 


hyperbolic  expression  of  the  form 


Relative  Depth,  D/B 


Unit  Side  Resistance,  f  (tsf) 

max 


Figure  70.  max  versus  D/H,  Comnressi on 

(1  tsf  =  9S.76  kN/m2)  (Gastello  1980) 


Unit  Point  Resistance 


(tsf) 


Figure  72.  ^max  versus  D/B,  Compression  (1  tsf  =  9S.76  kN/m  ) 
(Castello  1980) 


Figure  7i  N  versus  D/B,  Compression  (Castello  1980) 


The  characteristics  of  the  use  of  this  expression  for  stress-strain 


behavior  of  sands  have  been  presented  previously  in  this  report. 

The  hyperbolic  expression  has  been  proposed  by  Kraft  et  al. 
(1981)  for  the  general  description  of  the  shear  transfer  behavior  of 
axialLy  loaded  piles.  Kraft  et  al.  (1981)  based  the  coefficients  in 
the  expression  on  soil  properties  obtained  from  laboratory  tests  on 
undisturbed  samples.  Their  work  was  centered  more  on  the  shear 
transfer  of  clays  for  which  obtaining  undisturbed  samples  for 
laboratory  tests  is  much  easier  than  for  sands.  For  sands,  the  most 
practical  correlations  of  the  coefficients  are  with  field  tests.  The 
hyperbolic  expression  for  shear  transfer  is 

:  (47) 


f  = 


a  +  bz 

The  coefficients  a  and  b,  as  described  earlier,  have  a  physical 
meaning  which  is  illustrated  in  Figure  74.  The  coefficient  a  is  the 
reciprocal  of  the  initial  tangent  modulus,  E^,  and  b  is  the  reciprocal 


of  the  asymptotic  value  of  maximum  side  resistance,  fmax*  Rewriting 


the  expression  including  the  term  described  above  yields 

z 


f  = 


L.  +  1 _ 

Ef  fmax 


(z) 


(47a) 

Using  the  data  from  the  field  tests,  the  values  of  the  initial 
modulus,  Ej,  and  the  maximum  side  resistance,  fmax>  can  be  determined 
by  plotting  the  field  data  on  a  transformed  axis  system  (Figure  75) 
with  the  pile  movement,  z,  divided  by  side  resistance,  f,  as  the 
ordinate  and  the  pile  movement,  z,  as  the  abscissa.  The  initial 
modulus,  Ej,  is  the  reciprocal  of  the  slope  intersect  of  the  straight 
line  formed  by  connecting  the  data  points.  Appendix  D  show  che 


ea 


results  of  plotting  the  field  data  on  this  transformed  axis.  The 

purpose  of  this  investigation  was  to  obtain  a  check  on  the  maximum 

side  resistance,  f  ,  from  Castello's  (1980)  correlation  and  the 
max 

field  tests,  and  to  obtain  values  for  the  initial  modulus,  E^,  of  side 
resistance.  Table  5  show  the  ranges  that  were  developed  for  the 
initial  modulus  of  side  resistance. 

From  a  review  of  the  data,  the  initial  modulus,  E^,  is 
independent  of  the  pile  diameter.  Values  of  initial  modulus  were 
within  the  same  range  for  similar  densities,  except  for  the  12-in. 
pipe  pile  in  the  Arkansas  River  tests.  The  initial  modulus  for  this 
pile  was  unrealistically  high  and  was  not  used  in  establishing  the 
recommended  values  for  initial  modulus,  E^,  in  Table  6. 

In  the  Arkansas  River  tests,  the  average  standard  error  of  the 
side  resistance  between  the  field  data  and  the  Castello  adjusted  value 
was  approximately  32  percent.  Using  the  values  that  were  unadjusted 
for  residual  stresses  presented  by  Castello  (Figures  76  and  77)  for 
side  resistance,  the  error  was  approximately  25  percent.  The  field 
data  for  the  Arkansas  River  tests  were  insufficient  to  make  a  good 
evaluation  of  the  residual  loads  in  the  pile,  and  failure  was  not 
completely  reached  in  a  number  of  tests.  The  Ascalmore  Creek-Tippo 
Bayou  and  Red  River  tests  had  standard  errors  of  approximately  23  and 
18  percent,  respectively,  for  the  unadjusted  values  and  16  and  11 
percent,  respectively,  for  the  adjusted  values. 

The  average  standard  errors  were  greater  than  had  been 
anticipated,  but  given  that  the  average  standard  error  was  50  percent 
or  more  for  the  other  three  criteria  investigated,  the  proposed 


Initial  Modulus  of  Side  Resistance,  (Dsf/in.) 


Relative  Density/ 
Pile  T 


3Cr 

Loose 


33" 

Medium 


36° 

Medium-Dense 


Relative  Depth,  D/B 


criteria  are  acceptable.  One  must  keep  in  mind  that  an  err.>r  of 
20  percent  in  estimating  soil  performance  is  generally  considered 
reliable . 


Displacement  Function  for  Tip  Resistance 


Vijayvergiya  (1977)  was  the  only  source  presenting  criteria  for 
tip  resistance.  Vijayvergiya  (1977)  gives  the  displacement  function 
as 

1/3  „ 


(k) 


'max 


(48) 


where  the  maximum  bearing  capacity,  9max»  is 


'max 


a  N 


v  q 


(49) 


and  a  is  the  effective  vertical  stress  which  is  equal  to  the 
v 


overburden  pressure.  The  greatest  limitation  of  use  of  the  maximum 
bearing  capacity  is  its  dependence  on  overburden  pressure  which  has 
been  discussed  previously  in  this  report. 


Vijayvergiya  (1977)  linked  the  critical  displacement,  zc,  to  the 


width  of  the  pile  tip.  For  displacements,  z,  greater  than  the 
critical  displacement,  zc,  the  tip  resistance  is  taken  as  being 
constant.  This  is  contrary  to  early  statements  in  his  paper,  that 
for  sands  the  tip  resistance  continued  to  increase  with  displacement. 

Another  approach  for  defining  the  maximum  tip  resistance  would  be 
to  define  it  as  the  yield  point;  that  is,  the  soil  beneath  the  tip  is 
assumed  to  behave  similarly  to  an  elastic-plastic  material  with  strain 
hardening,  as  shown  in  Figure  78.  The  yield  point  is  then  defined  as 


the  point  of  transition  between  elastic  and  plastic  strain  hardening 


behavior.  The  yield  capacity  of  a  pile  has  been  assumed  to  be  reached 
when  the  tip  displacement  is  0.25  in.  Substituting  0.25  in.  in 
Vi jayvergiya' s  expression  for  displacement  yields 

r(*<  )1/3  <«) 

This  displacement  function  showed  better  agreement  with  field  data. 

It  was  further  altered  to  reflect  the  field  data  for  different 
densities: 


Loose 

q  =  (4  z 

)1/2 

^max 

(49a) 

Medium 

q  =  (4  z 

)l/3 

^max 

(49b) 

Medium-dense 

q  =  (4  z 

>1M 

^max 

(49c) 

where  the  maximum  yield  tip  resistance,  <lmax»  i8  determined  from 
Castello's  curves  for  ultimate  tip  resistance. 

Comparisons  were  made  between  field  P-z  curves  and  the  computed 
P-z  curves  using  Equation  49  and  maximum  tip  resistances,  q„„v,  from 
Figure  72  for  adjusted  pile  tests  and  Figure  77  for  unadjusted  pile 
tests.  The  results  are  presented  in  Figures  79-88,  where  the  field 
curves  are  those  plotted  with  symbols  and  the  computed  curves  are  the 
smooth  curves.  Using  the  angle  of  internal  friction,  0,  established 
previously,  for  determining  the  maximum  tip  resistance,  9raax,  from 
Figures  72  and  77  yielded  computed  curves  with  higher  values  of  tip 
resistance,  q,  than  field  curves  for  the  same  pile  movement.  By 
reducing  the  angle  of  internal  friction,  better  agreement  was 
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Figure  83.  Computed  P-r  Curves  Comparison  to  Unadjusted 
Field  Curves,  Arkansas  River,  Pipe  Piles 
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obtained,  as  shown  in  Figures  79-88.  The  reason  for  this  is  that 
Castello  defines  the  ultimate  capacity  of  the  pile  as  the  load  at  the 
head  of  the  pile  resulting  from  a  movement  of  10  percent  of  the 
diameter.  For  pile  design  in  the  Corps  of  Engineers'  Lower 
Mississippi  Valley  Division  (LMVD),  this  is  considered  excessive.  In 
LMVD,  a  pile  for  which  a  movement  of  approximately  1/4  in.  at  the  tip 
occurs  is  considered  as  a  limit.  Based  on  the  field  data,  new  sets  of 
curves  were  developed  and  are  shown  in  Figures  89  and  90.  The  shapes 
of  the  curves  produced  by  the  displacement  were  in  good  agreement  with 
those  of  the  field  curves. 


Comparison  of  Computed  and  Actual 
Butt  and  Tip  Performance 


The  Ascalmore  Creek-Tippo  Bayou  and  Red  River  tests  were  selected 
for  the  comparison.  The  Arkansas  River  tests  had  insufficient  data  to 
provide  a  good  comparison.  For  the  piles  that  penetrated  clay 
layers,  the  actual  field  f-z  curves  were  used  for  the  comparison.  The 
results  of  the  comparison  are  presented  in  Figures  91-99.  The 
agreement  between  the  computed  and  actual  load-movement  behavior  was 
found  to  be  very  good  up  until  the  pile-soil  system  began  to  yield. 
Beyond  the  yield  point,  the  computed  values  from  the  criteria  were 
greater  than  the  respective  field  values.  This  is  attributed  to  the 
tip  resistance  criteria  overestimating  the  tip  resistance  at  large 


displacements. 
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Figure  91.  Computed  and  Actual  Butt  and  Tip  Load- 
Movement  Curves,  Ascalmore  Creek-Tippo 
Bayou,  Test  Pile  No.  1 
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Figure  94.  Computed  and  Actual  Butt  and  Tip  Load- 

Movement  Curves,  Red  River,  Test  Pile  No 
PT-A-1C  Retest 
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Figure  96.  Computed  and  Actual  Butt  and  Tip  Load-Movement 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C 
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Comments 


Two  sets  of  curves  for  maximum  tip  resistance  and  shear  transfer 
have  been  shown  in  this  chapter;  one  based  on  pile  tests  that  were 
adjusted  for  residual  stresses  (compression),  and  the  other  based  on 
pile  tests  that  weren't  adjusted  (unadjusted  compression).  For  design 
work  the  values  from  adjusted  (compression)  are  recommended.  The 
values  from  the  unadjusted  are  recommended  for  evaluating  pile  tests 
with  insufficient  data  to  determine  residual  stresses. 

The  allowable  pile  load  using  a  conventional  pile  design 
procedure  is  obtained  by  dividing  the  ultimate  capacity  of  the  pile  by 
a  specified  factor  of  safety.  In  the  conventional  pile  design 
procedure,  the  displacement  of  the  pile  butt  for  the  allowable  pile 
load  is  generally  not  considered  in  determining  the  performance  of  the 
structure.  For  example,  consider  the  butt  load-movement  curve 
presented  in  Figure  91.  The  capacity  of  the  pile  is  approximately  240 
tons  for  a  tip  movement  of  0.25  in.  For  a  factor  of  safety  of  1.5, 
the  allowable  pile  load  would  be  160  tons  with  a  butt  displacement  of 
approximately  0.40  in.  If  these  piles  were  for  a  pumping  station 
which  has  a  number  of  pipes  entering  it  from  outside,  a  displacement 
of  0.40  in.  may  not  be  tolerable. 

Thus,  being  able  to  determine  the  load-movement  curve  is  very 
important  in  determining  whether  or  not  the  pile  head  displacement  for 
the  design  load  is  within  allowable  limits.  The  available  Soil- 
Structure  Interaction  (SSI)  procedures  can  be  used  to  compute  the  pile 
load-movement  curves.  The  reliability  of  these  existing  procedures 


can  be  improved  by  employing  the  relationships  for  shear-transfer  and 
tip  load  presented  in  this  report.  These  are  based  on  actual  pile 
tests  and  reflect  the  true  behavior  of  piles  driven  into  sand 
deposits.  The  computed  load-movement  performance  using  the  new 
criteria  has  shown  good  agreement  with  the  actual  load-movement 
performance  of  field  pile  tests.  A  step-by-step  illustration  for 
using  this  procedure  is  presented  in  the  next  section. 


Outline  of  Analysis  Procedure 


Figure  100  shows  a  typical  boring  log  and  SPT  result  found  at  a 
construction  site  in  the  Lower  Mississippi  Valley.  The  facility  being 
constructed  is  being  founded  on  piles  after  excavating  the  first  20-ft 
layer  of  clay.  The  pile  and  its  properties  are  described  in  Figure 
101.  The  following  is  a  step-by-step  procedure  employing  SSI  analysis 
and  shear-transfer  and  tip  load  criteria  presented  in  this  report: 
l.  Determine  the  average  blow  count  for  each  soil  layer: 


Depth,  ft 

Layer,  ft 

N  Value 

30 

20-40 

18 

50 

40-60 

28 

75 

60-90 

30 

2.  Correct  N  values  for  removal  of  overburden;  a  1  percent 
reduction  for  each  foot  of  overburden  removed:  20  ft  of  excavation  - 


20  percent  reduction. 


3.  Correct  N  values  for  penetration  into  fine  sand  or  silty  sand 


below  the  water 

table  using  the 

expression 

N'  =  |(N 

-  15)  +  15 

(21  bis) 

Depth,  ft 

Layer,  ft 

N  Value 

Reduced  N 

Value 

30 

20-40 

15 

15 

50 

40-60 

23 

19 

75 

60-90 

35 

25 

4.  Correct  N  values  for  effective  overburden  pressure  using  the 

correction  factor,  C„,  determined  by 

N 

CN  =  0.77  log  ^  (23  bis) 

o 

V 

where  a ^  is  the  effective  overburden  pressure  (based  on  excavated 
ground  surface),  tsf.  The  purpose  of  this  correction  is  to  normalize 
the  N  values  to  an  effective  overburden  pressure  of  1  tsf  on  which  the 
angle  of  internal  friction  chart  shown  in  Figure  102  is  based. 

Depth,  ft  Layer,  ft  gy’  N  Value  Corrected  N  Value 


28  °  3(f  3  f  3{P  4CP  42°  4 

Angle  of  internal  friction 

Figure  102.  Correlation  of  N  Values  with  angle  of 
Internal  Friction 
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*  Approximate  values  obtained  from  Figure  103  by  smooth  extrapolation 
of  appropriate  curve. 


b.  Develop  f-z  curves  using  the  expression 


(47a  bis) 


E  +  f 
f  max 


In  the  above  equation,  f  is  in  psf,  z  is  in  inches,  is  in  psf/ineh. 


and  f  is  in  psf.  From  Table  6  (p.  161),  using  an  angle  of  internal 
max 


S  S. 


friction,  0,  equal  to  33  ,  an  initial  modulus,  ,  of  12,000  psf/in.  is 
found.  Using  Equation  47a,  shear  transfer,  f,  values  are  computed  and 
presented  in  Table  7  for  given  pile  movements,  z,  at  the  depths  of 
penetration  shown  above.  These  are  plotted  in  Figure  105. 

c.  Develop  q-z  curves  using  the  empirical  expression  for  medium 
sands  (see  Equations  49a  through  49c  in  Chapter  5  for  relations  for 
other  sands) . 


r,  ,1/3 
q  =  [4  z]  q 


P  =  q  x  area  of  the  pile  tip 
max  max 

where 

q  and  q  have  units  of  psf  and  z  is  in  inches.  The  q-z  values 
max 

are  shown  in  Table  8  and  plotted  in  Figure  106.  Load  capacity  is  pre¬ 
dicted  based  on  a  tip  movement  of  0.25  inch.  Values  of  P  for  tip  move¬ 
ment  greater  than  0.25  inch  are  used  to  predict  the  entire  load- 
settlement  curves. 

A  computer  program  that  analyzes  axially  loaded  piles  using  the 
discrete  spring  soil  model  described  in  Chapter  2  (p.  32)  is  needed  to 
determine  the  tip  and  butt  load-displacement  behavior  for  this  example. 
An  example  of  such  a  program  is  PX4C3,  "Axially  Loaded  Pile  Analysis 
Program,"  written  by  Drs.  Coyle  and  Reese  at  the  University  of  Texas. 
This  program  is  available  on  the  Conversationally  Oriented  Real-Time 
_Program-Generating  jlystem  (CORPS)  under  program  number  10003  and  is 
used  for  this  example.  Figure  107  shows  a  plot  of  the  input  data  for 
the  program.  Figure  108  shows  a  plot  of  the  load  distribution  in  the 


pile  for  given  butt  loads,  and  Figure  109  shows  the  tip  and  butt 
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Table  7 


sf 


Pile  Movement 
z  •  ln» 


20  30  40  50 


Shear  Transferred,  f,  psf 


0.00 

0 

0 

0 

.025 

0 

164 

193 

214 

.050 

0 

224 

284 

335 

.075 

0 

256 

337 

411 

.100 

0 

276 

372 

464 

.150 

0 

299 

415 

533 

.200 

0 

312 

441 

576 

.250 

0 

321 

458 

605 

.300 

0 

326 

470 

626 

.400 

0 

334 

486 

655 

.600 

0 

342 

503 

686 

1.000 

0 

350 

517 

713 

10.000 

0 

358 

538 

773 

for  a  D/B  * 

23. 

.6,  using  figure  103 

fmav  *  .43 
max 

tsf 

o 

sC 

00 

II 

psf 

for  a  z  =*  . 

100 

in: 

12000  psf /in  +  860  psf  ('10  in) 


501  psf 


Table  8 


^max 

P 

max 


P-z  Values 
56.0  tsf* 

(56.0  tsf)  (2000.0  lb/ton)  (1.0  sq  ft) 
112,000  lb 


TId  Movements.  In. 


Tip  Load.  lb. 


0.000 

0.010 

0.020 

0.030 

0.040 

0.050 

0.075 

0.100 

0.125 

0.150 

0.175 

0.200 

0.250 

0.300 

0.400 

0.600 

1.000 


0.0 

38460.0 

48450.0 

55460.0 

61050.0 

65760.0 

75270.0 

82850.0 

89240.0 

94830.0 

99830.0 

104380.0 

112000.0 

119480.0 

131500.0 

150500.0 

178400.0 


_ 10.000 _ 178400.0 

*  a  is  the  pressure  corresponding  to  a  tip 
max 

movement  of  0.25  inch. 
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EXAMPLE  PROBLEM 
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Figure  107,  Plot  of  Data  Input  to  Computer  Program 


Figure  109.  Tip  and  Butt  Load-Displacement 
Curves  for  a  12HP53  Pile.  0  =  33° 


load-displacement  curves  for  this  example.  Entering  Figure  109  with  a 
tip  displacement  of  0.25  in.  yields  a  pile  capacity  of  approximately 
135  tons. 


Design  Curves 

Using  the  new  criteria  presented  in  this  chapter,  and  an  axially 
loaded  pile  computer  program,  a  set  of  pile  capacity  curves  was  devel¬ 
oped  for  various  pile  diameters,  surcharge  loads  at  the  surface,  and 
soil  densities.  The  capacity  of  a  pile  was  defined  as  the  butt  load 
at  a  tip  movement  of  0.25  in.  The  surcharge  loads  were  accounted  for 
by  computing  an  equivalent  depth  and  using  that  depth  to  determine 
the  maximum  tip  and  side  resistance.  Samples  of  these  design  curves 
are  presented  in  Figures  110-115.  A  complete  set  of  design  curves  for 
H  piles,  concrete  piles,  steel  piles  (closed)  and  steel  piles  filled 
with  concrete  for  0  values  of  30°,  33°,  35°,  and  37°  is  included  in 
Part  II  of  this  report. 

The  pile  capacity  is  found  by  entering  the  set  of  curves  for  a 
given  pile  type  with  a  pile  length  and  surcharge  load  and  matching  the 
desired  pile  length  with  the  curve  for  the  appropriate  surcharge  load. 
Using  the  pile  length  type,  and  angle  of  internal  friction,  0,  for  the 
previous  example,  the  pile  capacity  would  be  determined  by  entering 
Figure  111  for  a  12  HP  by  53,  finding  the  pile  length  (60  ft),  matching 
it  with  the  curve  of  zero  surcharge  load,  and  reading  down  to  find  the 
pile  capacity  (135  tons).  A  comparison  of  this  value  with  the  value 
determined  in  the  previous  example  reveals  that  they  are  identical,  as 
they  should  be. 


TOTAL  LOAD  (TONS) 


20  40  60  80  100  120  140  160  180  200  280  240 
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i 
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Figure  112.  Total  Pile  Capacity  for  a  12HP53  iteel  Pile,  Submerged 
Condition,  1/4-in.  Tip  Movement,  Phi  =  37  Deg.,  C  =  0 


HHP89  Steal  Pile. 
Phi*33  Deg.,  C*0. 

CURVE  SURCHARGE 
NO.  LOAD.  PSP 

1  e 

2  250 

3  500 

A  750 

5  1000 

6 
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homogeneous  soils.  The  pile  capacity  curves  may  give  misleading  re¬ 
sults  for  a  nonhomogeneous  soil.  The  example  presented  previously  will 
be  reexamined,  but  instead  of  having  the  tip  resting  in  the  same  soil 
stratum,  it  is  to  rest  on  denser  sand.  The  soil  at  the  tip  has  an 
angle  of  internal  friction  of  39°.  The  tip  resistance  obtained  from 
Figure  104  is  140  tsf,  and  the  resulting  points  for  the  P-z  curves  are 
shown  in  Table  9  and  are  plotted  in  Figure  116.  The  tip  and  butt  load- 
displacement  curves  from  the  computer  analysis  are  shown  in  Figure  117. 
The  pile  capacity  for  this  example  is  240  tons,  approximately  100  tons 
greater  than  the  pile  capacity  curves  would  give  for  a  homogeneous  soil 
The  pile  capacity  curves  should  not  be  used  without  careful  considera¬ 
tion  of  the  soil  conditions.  If  the  soil  profile  is  highly  nonhomoge¬ 
neous,  a  detailed  computer  analysis  should  be  performed  using  the  side 
and  tip  resistance  curves  for  the  appropriate  soil  conditions. 


Summary 


The  proposed  criteria  have  been  formed  by  drawing  on  the  work  of 
Castello  (1980)  for  establishing  the  maximum  side  and  tip  resistance. 
This  approach  reflects  the  newest  and  latest  research  in  this  area. 
Castello's  work  has  been  verified  and  refined  in  this  investigation  to 
yield  more  representative  results  for  the  soil  conditions  encountered 
in  the  Lower  Mississippi  Valley.  The  displacement  functions  for  the 
side  and  tip  resistance  have  been  based  on  the  results  of  field  tests. 

The  criteria  are  established  through  correlations  to  actual  field 
performace  of  piles  in  the  Lower  Mississippi  Valley.  They  demonstrate 
the  consistency  of  resistance  versus  depth  penetration  that  was  found 
in  the  investigation  of  field  tests.  The  proposed  criteria  are  a 
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fuction  of  the  angle  of  internal  friction  and  the  ratio  of  depth  of 
penetration  to  pile  diameter.  They  are  independent  of  overburden 
pressure.  The  earth  pressure  effect  and  the  arching  system  formed  in 
the  vicinity  of  the  pile  from  installation  are  implicity  accounted  for 
in  the  ratio  of  depth  of  penetration  to  pile  diameter.  The  criteria 
demonstrate  the  ability  to  predict  the  load-deformation  behavior  of 
axially  loaded  piles  in  sand  with  reasonable  accuracy  for  the  soil 
conditions  in  the  Lower  Mississippi  Valley. 

The  correlations  for  maximum  side  and  tip  resistance  presented 
here  appear  valid  for  similar  type  soils  in  the  Lower  Mississippi 
Valley.  They  may  be  used  in  other  regions,  if  they  are  cross-checked 
with  previous  pile  tests  results  for  that  region.  If  they  yield 
different  results,  adjustments  should  be  made  to  the  curves  to  reflect 
the  result  of  the  field  tests. 


CHAPTER  6:  SUMMARY  AND  CONCLUSIONS 


The  ultimate  capacity  of  a  pile  in  a  conventional  pile  design 
procedure  is  based  on  the  assumption  that  the  pile  has  enough 
displacements  at  every  point  for  the  soil  to  reach  its  maximum 
resistance.  No  consideration  is  given  to  the  displacement 
compatibility  of  the  pile-soil  system,  but  in  the  design  of  a  pile 
foundation  based  on  an  actual  field  pile  test,  the  ultimate  capacity 
is  determined  by  an  allowable  displacement. 

The  most  important  reason  for  utilizing  a  pile  foundation  is  to 
limit  relative  displacements.  Thus,  it  would  seem  logical  that  a 
design  procedure  for  determining  the  capacity  should  be  based  on 
allowable  displacement. 

Soil-structure  interaction  analysis  techniques  provide  an 
analytical  tool  for  exploring  the  performance  of  the  pile-soil 
system.  They  have  advantages  over  conventional  methods  in  that  they 
can  consider  the  displacement  compatibility  of  the  pile  and  the 
surrounding  soil  along  with  the  nonlinear  load-deformation 
characteristics  of  the  soil.  A  more  realistic  determination  of  pile 
capacity  can  be  made  based  on  the  computed  displacements  of  the  pile. 

The  difficulty  with  any  pile  design  procedure  for  piles  embedded 
in  sand  is  obtaining  the  soil  parameters  for  the  computations.  In  the 
past,  the  capacity  has  been  determined  based  on  soil  conditions  that 
were  measured  prior  to  installation  of  the  piles.  The  installation  by 
driving  alters  the  soil  conditions  surrounding  the  pile  resulting  in  a 


permanent  change  to  the  soil.  The  soil  is  compacted  by  insertion  of 
the  pile  and  by  the  impulse  from  the  hammer's  impact  causing  a 
permanent  rearrangement  and  crushing  of  the  soil  particles  in  the 
vicinity  of  the  pile.  As  the  pile  tip  penetrates  compacting  and 
crushing  the  soil  particles,  the  shaft  of  the  pile  causes  a  down  drag 
on  the  surrounding  sand  particles  that  results  in  a  vertical 
displacement  of  the  sand  particles.  The  vertical  displacement  of  the 
sand  particles  along  the  pile  shaft  creates  a  thin  sleeve  or  cylinder 
of  loose  sand  surrounding  the  pile.  The  loose  cylinder  of  sand 
adjacent  to  the  pile  shaft  is  circumscribed  by  a  much  denser  sand  that 
was  densified  under  the  tip  as  it  was  being  driven.  This  condition  is 
ideal  for  arching  and  has  been  well  documented  in  the  literature.  The 
result  of  this  phenomenon  is  that  the  shear  transfer  along  the  shaft 
is  developed  through  an  arching  system  that  redistributes  the  in  situ 
lateral  earth  pressure  that  was  present  prior  to  the  installation, 
resulting  in  a  reduction  of  pressure  on  the  pile  shaft.  This 
phenomenon  and  the  arching  system  at  the  edges  of  the  pile  tip  make  it 
virtually  impossible  to  determine  the  relationship  between  the 
vertical  overburden  pressure  and  lateral  earth  pressure  along  the 
shaft  or  normal  pressure  at  the  tip. 

Theoretical  approaches  are  unavailable  for  this  highly  complex 
and  indeterminate  system,  but  with  empirical  correlations,  such  as 
developed  in  this  report,  it  can  be  implicitly  accounted  for. 

Empirical  approaches  can  yield  good,  reliable  results  if  a  large 
quantity  of  high-quality  observations  are  available  for  a  data 


base.  A  large  number  of  Instrumented  pile  tests  were  used  in  this 
study  to  give  a  representative  cross  section  of  data  points. 

In  the  reduction  of  the  pile  test  data,  residual  stresses  played 
an  important  role  in  the  interpretation  of  the  results.  Impact 
driving  of  piles  induces  stresses  into  the  pile-soil  system  before  the 
pile  is  ever  loaded  in  testing.  The  ram  of  the  hammer  transfers 
momentum  to  the  pile  causing  it  to  compress  and  penetrate  into  the 
soil.  After  the  blow  is  delivered,  the  pile  rebounds  due  to  the 
compression  force  within  it.  The  total  rebound  is  prevented  by  the 
soil  along  the  shaft  leaving  the  pile  with  compression  stresses  in  its 
lower  portion  and  tensile  stresses  in  its  upper  portion.  The  soil 
will  also  have  a  stress  build  up  from  the  loading  action.  These 
stresses  are  commonly  referred  to  as  residual  stresses.  If  the 
residual  stresses  are  not  accounted  for,  the  load  distribution 
measured  in  the  pile  from  the  test  can  lead  to  an  overestimation  of 
side  resistance  and  an  underestimation  of  tip  capacity. 

The  three  published  criteria  for  side  resistance  versus  pile 
movement  evaluated  in  this  report  have  demonstrated  an  inconsistency 
with  respect  to  the  field  results  presented.  They  lack  the  ability  to 
predict  the  magnitude  of  side  resistance  and  the  shape  of  the  function 
of  side  resistance  versus  pile  movement. 

Because  of  this  lack  of  agreement  in  field  results  for  these 
criteria,  new  criteria  have  been  proposed  in  this  report.  The  new 
criteria  were  established  by  combining  the  ultimate  capacity  work  of 
Castello  (1980)  and  the  development  of  a  displacement  function  from 
actual  field  load  tests.  The  new  criteria  demonstrate  trends  that  are 


found  in  field  tests  and  not  presented  in  the  other  criteria.  The 
criteria  have  proven  themselves  in  comparisons  with  field  results. 
They  provide  an  engineer  with  a  powerful  tool  for  predicting  the  load 
displacement  behavior  of  piles  with  reasonable  and  reliable  results. 
However,  the  methodology  and  criteria  should  only  be  used  in 
combination  with  good  engineering  judgment. 
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APPENDIX  A 

LOAD-TRANSFER  CURVES  FROM  IDEALIZED  TRIAXIAL 
CURVES  BASED  ON  PARKER  AND  REESE  CRITERIA 
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Figure  Al.  Idealized  Triaxial  Results  (Sheet  1  of  2) 
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Figure  B2.  Compression  Test  Results,  Arkansas  River,  Test  Pile 
No.  1,  12 . 75- in. -Diameter  Pipe 
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Figure  B3.  Compression  Test  Results,  Arkansas  River,  Test  Pile 
No.  2,  Test  1,  16-in .-Diameter  Pipe 


Figure  B4.  Compression  Test  Results,  Arkansas  River,  Test  Pile  No 
2,  Test  2,  16-in. -Diameter  Pipe 
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Figure  B5.  Compression  Test  Results,  Arkansas  River,  Test  Pile  No 
3,  20-in. -Diameter  Pipe 
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Figure  B8.  Compression  Test  Results,  Arkansas  River,  Test  Pile 
No.  9,  14BP73 
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Figure  B9.  Compression  Test  Results,  Arkansas  River,  Test  Pile 
No.  10,  16-in. -Diameter  Pipe 
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Figure  BIO.  f-z  Curves,  Arkansas  River,  Test  !' t  1 
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Figure  B13.  Unadjusted  f-z  Curves,  Arkansas  River,  Test  Pile 
No.  3 
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Figure  B14.  Unadjusted  f-z  Curves,  Arkansas  River, 
Pile  No.  6 
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Unadjusted  f-z  Curves,  Arkansa*  ^iver,  Test  Pile 
No.  9,  14HP73 
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Figure  B17.  Unadjusted  f-z  Curves,  Arkansas  River, 
Test  Pile  No.  10 
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Figure  B18.  P-z  Curves,  Arkansas  River,  Pipe  Piles 
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Figure  B24.  Load  Distribution  in  Pile,  Ascalmore  Creek- 
Tippo  Bayou,  Test  Pile  No.  1 
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Figure  B25.  Unadjusted  Butt  and  Tip  Performance, 

Ascalmore  Creek-Tippo  Bayou,  Test  Pile  No.  2 
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Figure  B30.  Unadjusted  Tip  Load  Versus  Movement, 
Ascalmore  Creek-Tipp o  Bayou,  H  Piles 


Figure  B35. 


PILE  TIP  noUEHENT  (INCHES) 

Adjusted  P- z  Curves ,  Ascalmore  Creek-Tippo 
Bayou,  H  Piles 


Stratification  and  SPT  Results,  Red  River 


Stratification  and  SPT  Results,  Red  River,  Test  Pil 
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Figure  B53.  Unadjusted  Load  Distribution  on  Pile, 

Red  River,  Test  Pile  No.  PT-S-1C  Retest 
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Figure  B58.  Field  f- z  Curves,  Red  River,  Test  Pile 
No.  PT-A-3C  Retest 
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Figure  B68.  Adjusted  f- z  Curves,  Red  River,  Test  Pile 
No.  PT-A-1C 
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Figure  B69.  Adjusted  f-z  Curves,  Red  River,  Test  Pile 
No.  PT-A-1C  Retest 
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Figure  B73.  Adjusted  f-z  Curves,  Red  River,  Test  Pile  No 
PT-S-1C 
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Comparison  of  f-z  Criteria  to  Unadjusted  Field  Curves,  Arkansas  River,  Test 
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Figure  C8.  Comparison  of  f-z  Criteria  to  Unadjusted  Field  Curves,  Arkansas  River,  Test 
Pile  No.  10 
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Figure  Cll.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-1C, 
Coyle-Sulaiman  Criteria 
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Figure  Cl5*  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-1C, 
Vijayvergiya  Criteria 
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Figure  C17.  Comparison  of  f-z  Criteria  to  Unadjusted 
Field  Curves,  Red  River,  Test  Pile  No. 
PT-A-2C,  Coyle-Sulaiman  Criteria 
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Figure  C19.  Comparison  of  f- z  Criteria  to  Unadjusted 
Field  Curves,  Red  River,  Test  Pile  No. 
PT-A-2C,  Vijayvergiya  Criteria 
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Figure  C21,  Comparison  of  f- z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C, 
Vijayvergiya  Criteria 
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Figure  C22.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C, 

Coyle  Criteria 


Figure  C24.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C 
Retest,  Vijayvergiya  Criteria 


.  -o 


Figure  C25.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C 
Retest,  Coyle  Criteria 
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Figure  C27-  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C, 
Vijayvergiya  Criteria 
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Figure  C31.  Comparison  of  f-z  Criteria  to  Unadjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C 
Retest,  Coyle  Criteria 
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Figure  C32.  Comparison  of  f-z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-1C, 
Coyle-Sulaiman  Criteria 
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Figure  C33.  Comparison  of  f-z  Criteria  to  Adjusted  Field  Curves 
Red  River,  Test  Pile  No.  PT-A-1C,  Vijayvergiya 
Criteria 
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Figure  C 34.  Comparison  of  f-z  Criteria  to  Adjusted  Field  Curves 
Red  River,  Test  Pile  No.  PT-A-1C,  Coyle  Criteria 
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Figure  C35.  Comparison  of  f-z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-1C 
Retest,  Coyle-Sulaiman  Criteria 
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Figure  C36 .  Comparison  of  f-z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-1C 
Retest,  Vijayvergiya  Criteria 


DEPTH, FT 

54.1- 32.9 

67.1- 54.1 


Figure  C38.  Comparison  of  f-z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-2C, 
Coyle-Sulaiman  Criteria 
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Figure  C39.  Comparison  of  f-z  Criteria  to  Adjusted  Field  Curves 
Red  River,  Test  Pile  No.  PT-A-2C,  Vijayvergiya 
Criteria 


Figuer  C4Q.  Comparison  of  f- z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-2C  , 
Coyle  Criteria 
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Figure  C44.  Comparison  of  f-z  Criteria  to  Adjusted  Field  Curves 
Red  River,  Test  Pile  No.  PT-A-3C  Retest,  Coyle- 
Sulaiman  Criteria 


Figure  C45.  Comparison  of  f-z  Criteria  to  Adjusted  Field  Curves, 
Red  River,  Test  Pile  No.  PT-A-3C  Retest,  Vijayver- 
giya  Criteria 
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Figure  C46.  Comparison  of  f- z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-A-3C 
Retest,  Coyle  Criteria 
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Figure  C47-.  Comparison  of  f- z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C, 
Coyle-Sulaiman  Criteria 
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Figure  C50.  Comparison  of  f- z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C 
Retest,  Coyle-Sulaiman  Criteria 
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Figure  C51.  Comparison  of  f-z  Criteria  to  Adjusted  Field 
Curves,  Red  River,  Test  Pile  No.  PT-S-1C 
Retest,  Vijayvergiya  Criteria 
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13478 

1071 

1050 

12 

9 

0 

47-53 

7278 

1039 

1050 

12 

.9 

0 

No.  6 

(14HP73) 

0-10 

- 

- 

730 

7 

8 

0 

10-20 

5482 

1703 

930 

11 

8 

0 

20-27 

13477 

1712 

1160 

15 

il 

0 

27-34 

15926 

1307 

1220 

15 

7 

0 

34-38 

6993 

1340 

1150 

14 

-0 

10 

38-42 

16920 

1305 

1150 

14 

0 

0 

(Continued) 

Table  D1  (Continued) 


Maximum 


Test 

Depth 

Initial  Modulus 

Side  Resistance 

Test  Site 

Pile 

ft 

^f.  psf/in. 

^max,  psf 

Computed 


Field 

AD 

UAD 

No.  7 
(14HP73) 

0-10 

730 

780 

10-20 

7179 

2313 

930 

1180 

20-30 

8286 

1730 

1160 

1510 

30-40 

16286 

1252 

1150 

1400 

40-50 

49261 

726 

1150 

1400 

Arkansas  River 

No.  9 

L&D  No.  4 

(14HP73) 

0-10 

- 

- 

730 

780 

10-20 

8450 

1801 

930 

1180 

20-30 

15756 

1513 

1160 

1510 

30-40 

16462 

1356 

1150 

1400 

40-50 

14701 

1381 

1150 

1400 

No.  10 
(16"  pipe) 

0-15 

730 

780 

15-25 

11139 

1956 

930 

1180 

25-33 

12175 

1453 

1160 

1510 

33-40 

13150 

1561 

1220 

1570 

40-47 

12159 

1869 

1150 

1400 

47-53 

10999 

1714 

1150 

1400 

Ascalraore 

PT-1 

43-53 

111086 

1211 

1200 

Creek-Tippo 

( 14HP89) 

53-63 

4086 

645 

1300 

Bayou  Control 

63-73 

8019 

1253 

1350 

Structure 

73-83 

5698 

1809 

-135 

(unadjusted) 

83-93 

7818 

1643 

1300 

93-100 

8179 

2016 

1350 

PT-2 

30-40 

9225 

1315 

1000 

( 14HP89) 

40-50 

8123 

571 

1100 

50-60 

11086 

2178 

1950 

60-70 

13152 

456 

IUI 

70-80 

12622 

884 

1400 

80-90 

13716 

2517* 

1650 

Ascalmore 

PT-1 

40-60 

15003 

o 

00 

990 

Creek-Tippo 

60-80 

16233 

951 

1000 

Bayou  Control 

80-100 

14791 

931 

1000 

Structure 

(adjusted) 


(Continued 


Test  Site 

Test 

Pile 

Depth 

ft 

Initial  Modulus 
Ef,  psf/ln. 

Maximum 

Side  Resistance 
fmax,  psf 

Field 

Computed 

AD  UAD 

PT-2 

30-50 

13553 

782 

990 

50-70 

15791 

864 

1000 

70-90 

13829 

897 

1000 

Red  River, 

PT-A-1C 

34-50 

10952 

972 

1300 

L&D  No.  1 

( 12HP53) 

50-58 

11778 

961 

1350 

(unadjusted) 

PT-A-1C 

34-50 

14184 

1492 

1300 

(Retest) 

50-58 

11976 

1429 

1350 

PT-A-2C 

33-54 

9380 

500 

970 

( 12HP53) 

54-67 

8333 

476 

1020 

PT-A-3C 

33-54 

11148 

442 

970 

(12HP53) 

54-67 

8400 

576 

1020 

Red  River, 

PT-A-3C 

33-54 

Hill 

1538 

970 

L&D  No.  1 

(Retest) 

54-67 

7143 

1408 

1020 

(unad  justed) 

PT-S-1C 

40-70 

1000 

815 

1190 

70-85 

8379 

765 

1250 

PT-S-1C 

40-70 

6667 

1037 

1190 

(Retest) 

70-85 

5555 

992 

1250 

Red  River, 

PT-A-1C 

35-50 

12561 

719 

800 

L&D  No.  1 

50-58 

11925 

750 

820 

(adjusted) 

PT-A-1C 

35-50 

13071 

692 

800 

(Retest) 

50-58 

12679 

735 

820 

PT-A-2C 

33-54 

10146 

556 

770 

54-67 

9978 

671 

800 

PT-A-3C 

33-54 

12513 

680 

770 

54-67 

11428 

741 

800 

(Continued) 


Test  Site 


Initial  Modulus 
Ef.  psf/in. 


Maximum 

Side  Resistance 
max.  psf 


Lowering  the  water  table  in  the  vicinity  of  piles  causes  an  increase 
in  the  effective  stress  in  the  surrounding  soil  mass  which  in  turn  increases 
the  capacities  of  the  piles.  The  change  in  effective  stress  beginning  at  the 
ground  surface  increases  proportional  with  depth  until  the  water  table  is 
reached  and  then  remains  constant  with  increasing  depth.  Figure  E.l.  To 
account  for  this  increase  in  effective  stress  in  the  load-transfer  criteria, 
the  relative  depth  used  in  determining  the  maximum  side  and  tip  resistances 
is  adjusted  to  yield  an  equivalent  homogeneous  system.  An  example  of  this 
procedure  follows: 

The  soil  and  pile  properties  for  this  example  are  the  same  as  the  step-by- 
step  illustration  given  in  Chapter  5,  page  190,  but  with  the  water  table  20  ft 
below  the  ground  surface.  Figure  E.2. 


Increase  in  Effecti 


4'  -  32° 
^-7(5  p,r 


60’ 


Cross  Section  Area  =  .108  sq  ft 

Tip  Area  =  1.0  sq  ft 

Surface  Area  =  4.0  sq  ft/ft 

Equivalent  Diameter: 

B  _  Surface  Area 

TT 


Figure  E-2  -  Pile  and  Pile  Properties 


3.  Determine  the  new  maximum  side  and  tip  resistance. 


4.  Develop  f-z  curves  using  the  expression: 

Z 


SHEAR  TRANSFER  TABLE 


PILE  LENGTH 

0. 

5. 

10. 

20. 

30. 

40. 

50. 

60. 

FHAX<PSF  ) 

0. 

520. 

750. 

920. 

1000. 

1100. 

1100. 

1100. 

PILE  MOUEHENT 

Z  (IN) 

0. 

0. 

SHEAR  TRANSFERRED.  F, 
0.  0.  0.  0. 

(PSF  ) 

0. 

0. 

0. 

0  ■  025 

0. 

190 . 

214. 

226. 

231 . 

236. 

236. 

236. 

0.050 

0. 

279. 

333. 

363. 

375. 

388. 

388. 

388. 

0.075 

0. 

330. 

409. 

455. 

474. 

495. 

495. 

495. 

0.100 

0. 

363. 

462. 

521  . 

545. 

574. 

574. 

574. 

0.150 

0. 

403. 

529. 

609. 

643. 

683. 

683. 

683. 

0.200 

0. 

427 . 

571  . 

665. 

706. 

754. 

754. 

754. 

0.250 

0. 

443. 

600. 

704. 

750. 

805. 

805. 

885. 

0.300 

0. 

454. 

621. 

733. 

783. 

843. 

843. 

S43. 

0 . 400 

0. 

469. 

649. 

772. 

828. 

895. 

895. 

895. 

0.600 

0. 

485. 

679. 

816. 

878. 

954. 

954. 

954. 

1.000 

0. 

4S8. 

706. 

854. 

923. 

1008. 

1008. 

1008. 

10.000 

0. 

518. 

745. 

913. 

992. 

1090. 

1090. 

1090. 

EA 


AD-A129  236 


UNCLASSIFIED 


LOAD-TRANSFER  CRITERIA  FOR  NUMERICAL  ANALVSIS  OF 
AXIALLV  LOADED  PILES  IN.  (U>  ARMV  ENGINEER  MATERMAVS 
EXPERIMENT  STATION  VICXSBURG  MS  R  L  MOSHER  JAN  84 
HES-TR-K-84-1  F/G  12/12 


5.  Develop  P-z  curve  Using  expression 


P  =  (4Z)1/3  P 


max 


where 


max 


^max 


lbs 


=  (64  tsf)( 2000.0  (1.0  sq  ft) 


128,000  lbs 


TIP  MOVE  TENT (IN) 

0. 

0.085 

0.050 

0.075 

0.100 

0.150 

0.800 

0.850 

0.300 

0.400 

0.600 

1.000 

10.000 


TIP  LOAD (LBS) 

0. 

59418. 
74855. 
85687 . 
94311. 
107959. 
118885. 
188000. 
136080. 
149710. 
171375. 
803187 . 
437754. 


Using  the  above  f-z  and  P-z  curves  for  a  water  table  20  ft  below  the  ground 
surface,  the  pile  capacity  is  153  tons  as  compared  to  135  with  the  water 
table  at  the  surface. 
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APPENDIX  F:  LIST  OF  SYMBOLS 

”  The  area  or  cross-sectional  area 

*  The  constants  in  the  hyperbolic  expression 

*  The  surface  area  of  the  pile  shaft 

■  The  area  of  the  tip 

*  The  width  or  diameter  of  a  pile 
=  The  width  of  a  footing 

*  The  correction  factor  to  N-values  from  a  standard 
penetration  tests  for  overburden  pressure 

*  the  cohesion 

-  The  adhesion 

■  The  correction  factor  for  maximum  load  transferred 
(Parker  and  Reese  Criteria) 

■  The  depth  of  penetration  or  depth  of  overburden 

*  The  point  beyond  which  the  rate  of  change  of  the  side 
and  tip  resistance  decreases  with  depth  (critical 
depth) 

*  The  relative  density  of  the  soil 

■  The  shape  factors  for  bearing  capacity 

*  The  angle  of  friction  between  soil  and  pile  shaft 

■  The  modulus  of  elasticity 

-  The  initial  tangent  modulus  for  shear  transfer 

■  The  initial  tangent  modulus 

»  The  modulus  of  elasticity  of  the  pile 

■  The  modulus  of  elasticity  of  the  soil 

■  The  void  ratio 

■  The  axial  strain 

■  The  forces  vector 


F2 


f 


The  shear  develop  along  Che  pile  shaft  (shear  transfer) 
or  load  transfer 


K,KS 


Ki 

VKy 

L 

Li 

Nc’Vny 

Nf 

Nc 


n 


■  The  maximum  shear  transfer 

■  The  unit  shear  stress  of  the  shaft  of  the  pile 

■  The  maximum  side  resistance 

■  The  unit  weight  of  soil 

-  The  distance  between  increments 

*  The  moment  of  inertia 

■  The  influence  factor  for  settlement  determined  by 
Mindlin's  equations 

■  The  coefficient  of  lateral  earth  pressure 

■  A  modulus  in  the  hyperbolic  expression  for  trlaxial 
data 

■  The  spring  constants  in  the  Beam-Column  analysis 

■  The  length  of  pile 

-  The  length  of  ith  increment 

*  Bearing  capacity  factors 

■  The  number  of  blows  per  foot  from  standard  penetration 
test 

■  The  corrected  number  of  blows  per  foot  from  standard 
penetration  test 

■  The  exponent  determining  the  rate  of  variation  of 
with  Oj 

■  The  axial  force  or  tip  load 

-  The  atmospheric  pressure 

*  Axial  force  at  point  i 

■  Maximum  or  ultimate  tip  load  or  capacity  of  a  pile 

■  The  ultimate  axial  capacity  of  a  pile 


♦' 

Q, 


max 


‘If 

qmax 

ql 


qx»qy 

R 


v 
A  a 

S 

Sv 


x 

tan  A 
U 

UU 


»  The  ultimate  shear  resistance  or  "skin  friction"  along 
the  shaft 

■  The  angle  of  Internal  friction. 

*  The  effective  angle  of  internal  friction 

*  The  ultimate  bearing  capacity  of  a  footing  per  unit 
length 

*  The  in  situ  normal  pressure 

*  The  maximum  tip  resistance  or  ultimate  bearing  capacity 
per  unit  area 

■  Overburden  pressure 
~  The  unit  tip  stress 

■  The  pressure  in  the  x,y  direction,  respectively 

■  The  correction  for  compression  loading  (Parker  and 
Reese  Criteria) 

■  The  ratio  of  compressive  strength 

■  The  major  principal  effective  stresses 

■  The  minor  principal  effective  stresses 

■  The  normal  stress 

*  The  effective  overburden  stress  or  pressure 

■  The  deviatoric  stress  (  -  °3> 

-  The  shear  strength  of  the  sand 

-  The  axial  stiffness  of  a  beam 

■  The  axial  stiffness  provided  by  the  soil 

■  Shear  transfer 

*  The  coefficient  of  friction  between  the  shaft  and  soil 

■  The  displacement  vector 

*  The  displacements  vector  of  the  soil 


The  displacement  In  the  x  direction 

Correlation  coefficient  for  compression  loading 
(Parker  and  Reese  Criteria) 

The  displacement  In  the  y  direction 

Poisson's  ratio  for  soil 

The  depth 

The  distance  along  the  pile 

The  displacement  of  the  pile  or  pile  movement.  Inches 

The  critical  movement  of  the  pile  which  mobilizes  the 
maximum  side  or  tip  resistance.  Inches 


